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Abstract

This dissertation addresses the need for rational provisions in the design and load rating of
segmental bridges, emphasizing clearer distinctions between the inventory level, which demands
higher reliability, and the operating level, which requires a lower level of reliability. Bridge
engineers have advocated for less stringent evaluations at the operating level, prompting a request
to refine the AASHTO Manual for Bridge Evaluation (MBE) provisions to better reflect
operational conditions.

The reliability analysis was conducted for both service and strength limit states. The
primary objective of this study is to determine and validate the load and resistance factors required
for the design and load rating for the Service III limit state, which governs post-tensioned
segmental bridge superstructure components. This involved the statistical analysis of segmental
bridges, the selection of representative bridges, the formulation of limit state functions, the
selection of a reliability analysis procedure, and the determination of the target reliability index.
Statistical models of load and resistance were developed, including parameters for thermal
gradient, fabrication factor for flexural strength, and yield stress of reinforcing bars for shear
strength.

Reliability analysis was conducted for the selected representative bridges across the
considered limit states, and target reliability indices were determined. The load and resistance
factors for the service limit state were then calibrated and verified, and the effect of the proposed
changes on the rating factors was determined.

The main results include recommendations for updating provisions for the operating rating
of segmental bridges. These findings are expected to be valuable for designers and load rating

engineers of post-tensioned segmental bridges.
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Chapter 1. INTRODUCTION

1.1 Overview of Segmental Bridges

A segmental bridge is a bridge type constructed in short sections, or segments, as opposed to large,
continuous spans (Figure 1-1). These segments can be either cast-in-place—constructed directly
at the final location—or precast at a different site and then transported to the construction site.
Segmental bridges typically have one- or two-cell box cross sections (Figure 1-2). This
construction method is particularly economical and efficient for moderate- to long-span bridges,

especially in cases where site access is constrained (Lucko 1999).

Figure 1-1 Segmental Bridge Structure. Source: Datai Crane (2024)

Segmental bridges are often selected for their aesthetic qualities and their adaptability to
complex and challenging environments. The step-by-step construction process allows for

enhanced precision and flexibility, while also facilitating the management of stresses and loads

16



during construction. This makes segmental bridges a preferred choice for many contemporary

bridge projects (Lucko 1999; Huang and Hu 2020).

Figure 1-2 Examples of: a) One-Cell Box Cross Section, and b) Two-Cell Box Cross Section.

Sourses: RePicture (2024); CivilArc (2024)
The joints between segments are the critical components of a segmental bridge. They play
a key role in maintaining structural integrity, durability, flexibility, and ease of construction, as
well as facilitating maintenance. Proper stress management at these joints is essential to prevent
localized failures and ensure the long-term performance of the bridge. There are two primary types
of joints between segments: Type A, which utilizes epoxy, and Type B, which is a dry joint without

epoxy (Corven Engineering 2004).

1.2 Motivation and Problem Statement

Segmental bridges were first constructed in the United States during the 1970s. The initial
segmental bridges were designed, built, and load rated using techniques that were not explicitly
covered by the guidelines of the American Association of State Highway and Transportation
Officials (AASHTO). Consequently, the application of AASHTO’s load factor rating (LFR) and
the current load and resistance factor rating (LRFR) methodologies often results in a significant
decrease in capacity for existing segmental bridges compared to what was anticipated in the
original design. Furthermore, the existing AASHTO LRFR method for load rating contemporary

segmental bridges, as outlined in the AASHTO Manual for Bridge Evaluation (AASHTO MBE

17



2018), offers limited guidance for accurately load rating these structures due to their intricate
nature. Additionally, the resources available in academic literature are seldom presented in a
comprehensive format that is directly applicable for load rating according to AASHTO standards.

Another challenge is that the AASHTO Load and Resistance Factor Design (LRFD)
specifications were developed and calibrated nearly three decades ago. This calibration, performed
to ensure that bridge components were designed to achieve a consistent and desired level of
reliability, was only conducted for girder-type bridges. The most recent edition of these
specifications is AASHTO LRFD (2020). Likewise, the most recent calibration of (AASHTO
MBE 2018) did not include segmental bridges. Therefore, the current level of reliability achieved
when rating segmental bridges using the load and resistance factors developed for girder bridges
may not be suitable. Specifically, segmental bridges are often assessed using overly conservative
criteria, resulting in a reliability level higher than intended.

Design and load rating of segmental bridges are typically governed by allowable stresses
at the service limit state. Serviceability limit states (SLS) necessitate a different approach
compared to ultimate limit states (ULS). While ULS considers a single instance of heavy load,
SLS takes into account both the magnitude and the frequency of load occurrences (Nowak and
Grouni 1986). Service limit state focuses on durability rather than ultimate failure.

The AASHTO LRFD (2020) specifies the following service limit state load combinations:

- Service I: Pertains to the normal operational use of the bridge, accounting for a 70-mph

wind and all loads at their nominal values. It is also used to control crack width in
reinforced concrete structures, and for transverse analysis involving tension in concrete
segmental girders. Compression in prestressed concrete components and tension in

prestressed bent caps are also investigated using this load combination.
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- Service II: Designed to control the yielding of steel structures and the slip of slip-
critical connections under vehicular live loads.

- Service III: Used for longitudinal analysis, addressing tension in prestressed concrete
superstructures to control cracking, and principal tension in the webs of segmental
concrete girders.

- Service IV: Relates only to tension in prestressed concrete columns with the objective
of crack control.

The Service III limit state is used to evaluate tensile stresses in prestressed concrete
components. As segmental bridges are generally controlled by allowable stresses at the service
limit state, Service III is a key consideration for their assessment.

Bridge engineers highlighted the superior quality of segmental bridge construction
compared to other types and expressed a desire to leverage this advantage in bridge evaluation
(Popok et al. 2024). Specifically, they emphasized the need for a clearer distinction between the
inventory level of load rating for segmental bridges, which demands higher reliability, and the
operating level, which requires a lower level of reliability. The inventory level of load refers to the
load rating that allows comparisons with the capacity of new structures, indicating a live load that
an existing structure can safely carry indefinitely. In contrast, the operating level of load describes
the maximum permissible live load for an in-service structure under current conditions, but not
indefinitely, allowing for occasional higher loads. Bridge engineers have stated that the current
methodology for evaluation of segmental bridges at the operating level is too restrictive and have
advocated for a less stringent evaluation at this level. As a result, it was requested that the

AASHTO MBE provisions for load rating of segmental bridges be refined to better account for
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these considerations, particularly to provide more efficient guidelines for load rating the bridges
under operational conditions.

Therefore, there is a pressing need to determine and implement a consistent and rational
target reliability level for segmental bridges, ensuring that the LRFR procedure is specifically
calibrated to maintain this level for design and rating purposes. The aim of this research is to
address this gap and conduct an LRFD and LRFR calibration for segmental bridges based on

logical criteria.

1.3 Research Objectives
The objectives of this research are to:

1) Develop a reliability-based calibration procedure for the Service I1I limit state tailored to
post-tensioned segmental bridge superstructure components,

2) Determine and validate the load and resistance factors required for the design and load
rating of Service IIl limit state in post-tensioned segmental bridge superstructure
components.

The ultimate goal is to achieve a level of reliability that aligns with similar superstructure
components of girder-type bridges. This alignment is based on the standards in the AASHTO

LRFD Bridge Design Specification and AASHTO Manual for Bridge Evaluation.
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1.4 Background

1.4.1 Reliability of Structures and Limit State Design of Structural Components

1.4.1.1 Historical Perspective

In the past, uncertainties in load and resistance calculations were managed using a single, global
safety factor. This is exemplified by the Allowable Stress Design (ASD) method, which includes
a safety margin in the conservative allowable stress. However, a more nuanced approach was later
developed, known as the Load and Resistance Factor Design (LRFD) methodology. This method
applies load factors to each load component (such as dead, live, wind, snow, earthquake loads,
etc.) to account for their associated uncertainties, and a resistance factor to account for
uncertainties in load-resisting capacity (Nilson, Darwin, and Dolan 2004; Wight 2015). The latest
versions of most major design and construction codes now follow this LRFD philosophy, which
aims to design more efficiently and manage risk in a rational manner.

Reliability analysis procedures have been in development since the 1970s. Load and load
combination models were formulated using available data, with Turkstra's Rule being the most
widely applied method today (Benjamin and Cornell 1970; Nowak and Collins 2013). Similarly,
resistance models were developed based on available data (Benjamin and Cornell 1970; Nowak
and Collins 2013).

The structural load is subject to variability, particularly the live load, which changes with
time and differs in various locations. Besides the clear variability in loads that structures encounter,
there are multiple sources of uncertainty intrinsic to structural design. For instance, concrete
compressive strength, reinforcement yield strength, and material unit weight often show different
observed values under identical test conditions. Therefore, these design parameters can be treated

as random variables. A random variable is a concept that is explained by considering the results of
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an experiment. If an experiment is repeated under precisely the same conditions and the results are
identical, then the measured variables can be considered deterministic. However, if the results
vary, then the variables are random (Hart 1982). Since load and resistance are random variables,
absolute safety (or zero probability of failure) is unattainable. As a result, structures must be
designed to fulfill their functions with a certain finite probability of failure (Nowak and Collins
2013).

The approach to dealing with uncertainties can differ based on the situation. If the
variability is small and the consequences of exceeding acceptable values are not severe, the
uncertainty can be ignored, and the variable can be set equal to the best available estimate. This is
often the case with the elastic moduli of materials, or the physical dimensions of components built
with a high level of quality control. If the uncertainty is significant, it may be necessary to use a
safe (“conservative”) estimate of the variable. This is the case with the specified minimum strength
properties of materials and members. This raises some questions: How can engineers maintain
consistency in their conservatism from one situation to another (Benjamin and Cornell 1970)?
How can they maintain consistency in the degree of conservatism within the same construction
project? The design strengths of various structural components in a building should be consistent,
reflecting a level of safety that is appropriate given the potential consequences of the failure mode
considered. Reliability-based methods have been used in the development of modern design codes
to answer these questions. The reliability-based calibration in this study is applied to the post-
tensioned segmental bridge superstructure components for the service limit state. This is
particularly relevant as segmental bridges are usually regulated by allowable stresses at service

(Corven Engineering, 2004; Wassef et al. 2014).
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1.4.1.2 Reliability Analysis
This section introduces the concepts of reliability analysis, including the limit state function,
probability of failure, reliability index, and design formula. This information is adapted from
(Nowak and Collins 2013).

A structure or structural component is designed to resist an expected load. If the load effect
is represented by Q and the resistance (load-carrying capacity) by R, the condition of the structure
can be assessed by considering the function g, defined as:

g=R-0Q (1-1)

If g > 0, the structure is considered safe; otherwise (g < 0), failure occurs. The limit state

of the structure can be mathematically expressed using the limit state function g = 0.
g=R—-0=0 (1-2)

The probability of failure, Py, is defined as the probability that g < 0. Assuming that the
load, resistance, and limit state function variables are normal, their probability density function
(PDF) distributions can be illustrated as shown in Figure 1-3.

Pr=P(g<0) (1-3)

If R and Q are normal random variables, then g is also a normal variable, and the probability

of failure can be calculated using the following equation:

(1-4)

where g 1s the mean of g, o, 1s the standard deviation of g, and @ is the standard normal cumulative

distribution function (CDF).
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Figure 1-3 Normal Distributions of the Q, R, and g variables

(Adapted from Nowak and Collins 2013)

The reliability index, S, is a measure used to quantify the safety and reliability of a structure
or component. It essentially indicates how likely a structure is to perform its intended function

without failure over a specified period. The reliability index is defined as follows:

_H (1-5)
B = 3,

Thus, the reliability index, f, is a function of the probability of failure (Py). As the
probability of failure decreases, the reliability index increases.

Reliability index, reliability, and probability of failure values are essential for determining
the target level of safety, or the target reliability index (f7). If the limit state function is linear and
all variables follow a normal distribution, then f is related to the reliability and probability of

failure as shown in Table 1-1. Otherwise, these relationships are approximate. The acceptance
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criterion for structural performance is the ability to achieve a reliability index close to a
predetermined target value, fr.

Design parameters vary due to uncertainties and can be treated as random variables,
including load components, concrete compressive strength, prestressing strength, prestressing
strand location, etc. In reliability analysis, Q is treated as the total load, representing the sum of
various load components. Different load combinations are used to account for varying conditions
and influences on the structure. For instance, one combination may include the dead load due to
the structure's self-weight (DC), dead load due to wearing surfaces and utilities (DW), and the live
load (LL). Consequently, the limit state function is expressed as:

g=R—(DC+DW +LL)=0 (1-6)

Table 1-1 Reliability Index, Reliability, and Probability of Failure (Nowak 1999)

Reliability Index Reliability Probability of Failure

p S=1-Ps Py

0.0 0.500 0.500x10°
0.5 0.691 0.309x10°
1.0 0.841 0.159x10°
1.5 0.933 2 0.668x10!
2.0 0.977 2 0.228x10!
2.5 0.993 79 0.621x1072
3.0 0.998 65 0.135x107?
3.5 0.999 767 0.233x10°
4.0 0.999 968 3 0.317x10*
4.5 0.999 996 60 0.340x10
5.0 0.999 999 713 0.287x10%°
5.5 0.999 999 981 0 0.190x1077
6.0 0.999 999 999 013 0.987x107
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where DC, DW, LL, and R are random variables corresponding to the load effects described above,
and corresponding resistance, respectively. The corresponding design formula is:

¢Ry, = ypcDCy + YpwDWy, + v LL, (1-7)

where DC,,, DW,, LL,, and R, are the nominal (expected) values of the dead load effects, live load
effect, and corresponding resistance, respectively, ypc, ypw, and yr; are the load factors for the
corresponding load effects, and ¢ is the resistance factor. Nominal values are what is used in the
design and rating.

Load and resistance factors are used to ensure safety and reliability in the design of
structures. Load factors are multipliers applied to the nominal loads to account for uncertainties in
the load estimates. These factors typically increase the loads to ensure that the structure can handle
unexpected increases in load. The exception is load factors for Service Limit States, which are
discussed further in the document. Resistance factors are multipliers applied to the nominal
resistance of a structure to account for uncertainties in material properties, construction methods,
and other factors, which are also discussed in more detail further. These factors reduce the nominal

resistance to ensure a margin of safety.

1.4.2 Evolution of Bridge Design and Load Rating Calibration

1.4.2.1 Strength Limit States

The initial calibration of the AASHTO LRFD Bridge Design Specifications was conducted during
the 1990s and published in NCHRP Report 368 (Nowak 1999). This work involved the reliability
analysis of typical existing girder bridge structures with respect to Strength Limit States. The target
reliability index for these limit states was set at fr = 3.5, and the corresponding live load factor

was established as yz; =1.75. This factor was subsequently adopted by the AASHTO LRFD Bridge
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Design Specifications and incorporated into the design formula with a load combination of dead
and live loads as follows:

#R,, > 1.25DC, + 1.5DW,, + 1.75LL, (1-8)

Load rating refers to the evaluation of the structural capacity of existing bridges. This
process involves assessing the bridge's ability to safely carry loads based on its current condition,
design, and materials, ensuring that it meets the necessary safety standards for continued operation.

The first calibration of load factors for LRFR evaluation of existing bridges was conducted
and published in NCHRP Report 454 (Moses 2001). Design load rating is an assessment of an
existing bridge based on the HL-93 loading and LRFD design standards, using dimensions and
properties of the bridge in its present as-inspected condition. It is a measure of the performance of
existing bridges relative to current LRFD bridge design standards. Under this check, bridges are
screened for the strength limit state at the LRFD design level of reliability. The load-rating level
that precisely corresponds to the LRFD design level of reliability, including the same live load
factors, is the inventory rating. The two levels of design rating, namely inventory and operating
ratings, are discussed further in this section. The load rating also considers all applicable LRFD
serviceability limit states (AASHTO MBE 2018).

AASHTO MBE (2018) prescribes the determination of load ratings using the rating factor.
A rating factor quantifies the capacity of a bridge to safely carry loads relative to the loads it is
anticipated to experience. It serves as a measure to evaluate the structural adequacy of bridges and
ensure safety. Specifically, the rating factor is calculated as the ratio of the bridge’s available live
load capacity, inclusive of safety margins, to the prescribed live load. The rating factor equation is
derived from fundamental principles of structural engineering, balancing demand (loads) and

capacity (resistance) within structural systems, as shown below.
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The capacity for the load rating calculations is expressed as follows:

C = ¢c gs R (1-9)

where ¢. is the condition factor, and ¢; is the system factor.
Modifying the load components as per AASHTO MBE (2018), inequality (1-8) can be
generally rewritten as follows:

C =2 ypcDC + ypwDW F ypP + vy, (LL + IM) (1-10)

where P is permanent loads other than dead loads, including prestress; /M is the dynamic load
allowance; and yp is load factor for permanent loads other than dead loads.

By moving all factored loads other than the live load to the left-hand side, the live load
capacity will be on the left-hand side and the live load demand on the right-hand side, as follows:

C—ypcDC —ypwDW t+ypP =y (LL + IM) (1-11)

The rating factor (RF) is introduced to account for the difference between the live load
capacity and demand, in order to make it an equality, as follows:

Therefore, the rating factor can be expressed as:

_ C—=vypcDC —ypwDW £ ypP (1-13)

RF
Vi (LL + IM)

The LRFR methodology defines two levels of the design load rating (AASHTO MBE

2018):
e Inventory Rating—allows comparisons with the capacity of new structures. Therefore,
inventory rating results in a rating factor relative to a live load that could safely utilize an

existing structure for an indefinite period of time.
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e Operating Rating—generally describes the maximum permissible live load to which an in-
service structure may be subjected under the current operating conditions, but not
indefinitely. This level permits a less stringent evaluation, implying lower levels of
reliability and allowing for occasional higher loads without compromising the overall
safety or serviceability.

Since the inventory rating corresponds to the same level of reliability as the design, the
target reliability index fr and the corresponding live load factor y.. for this level of evaluation
were proposed in NCHRP Report 454 (Moses 2001) to be the same as those established in NCHRP
Report 368 (Nowak, 1999), with fr = 3.5 and y.. = 1.75. The target reliability index for the
Operating Rating was determined as fr = 2.5 with the corresponding live load factor y;;, = 1.35
and the design formula as (Moses 2001):

®R,, = 1.25DC, + 1.5DW,, + 1.35LL,, (1-14)

1.4.2.2  Service Limit States

The AASHTO Standard Specifications (AASHTO Standard 2002), which preceded the AASHTO
LRFD, assigned all load and resistance factors as 1.0 for Service Limit States. Under these
conditions, the design formula for a load combination of dead and live loads is expressed as
follows:

R, > DC, + DW, +LL, (1-15)

The design live load specified in the AASHTO LRFD Specifications (HL-93) generates
higher unfactored, undistributed load effects in prestressed concrete bridge girders than those
generated by AASHTO Standard Specifications load (HS-20). The girder distribution factors,

particularly for interior girders, are lower in the AASHTO LRFD Specifications, reducing the
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difference between the unfactored distributed load effects in both specifications. However, even
with the smaller distribution factors, the unfactored distributed load effects in the AASHTO LRFD
Specifications were still higher for most girder systems. Using the same load factor for the service
limit state (yz. = 1.0) resulted in higher factored load effects in AASHTO LRFD designs compared
to those designed under the AASHTO Standard Specifications. Trial designs conducted during the
development of the AASHTO LRFD Specifications indicated a need for more prestressing strands
than required by the AASHTO Standard Specifications. This suggests that designs following the
AASHTO Standard Specifications may have led to under-designed components, potentially prone
to cracking. In the absence of widespread cracking, the live load factor was reduced to y.. = 0.8.
This adjustment led to a similar amount of required prestressing force in comparative concrete
bridge designs conducted using the AASHTO Standard and the AASHTO LRFD Specifications
(Wassef et al. 2014).

In the study completed during NCHRP Project 12-83 (Wassef et al. 2014) the refined live
load factor for the Service III Limit State was calibrated. Before 2005, the AASHTO LRFD
Specifications included a simple method for estimating time-dependent prestress losses, known as
the "Approximate Lump Sum Estimate of Time-Dependent Losses” (Wassef et al. 2014). In 2005,
a new method to determine the time-dependent prestress losses was introduced, named “Refined
Estimates of Time-Dependent Losses” (Wassef et al. 2014). The post-2005 method is considered
to provide a more accurate estimate of prestressing losses (Tadros et al. 2003; Wassef et al. 2014).
This method introduced new equations for calculating time-dependent prestressing losses,
including the use of transformed section properties, and explicitly incorporated the concept of
"elastic gain." After the initial prestressing loss at transfer, when load components that generate

tensile stresses in the concrete near the strand locations are applied to the girder, the strands
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experience additional tensile strain, equal to the strain in the surrounding concrete due to the
applied loads. This results in an increase in the force within the strands, referred to as "elastic
gain." The post-2005 prestressing loss method allows this elastic gain to offset some of the
prestressing losses (Wassef et al. 2014).

The post-2005 prestress loss method frequently resulted in lower prestressing force losses
leading to fewer required prestressing strands than those specified under the AASHTO Standard
Specifications and earlier AASHTO LRFD Specifications. This raised concerns, as the higher
prestressing losses calculated by the pre-2005 method helped offset the lower live load effects due
to the reduced design live load in the AASHTO Standard Specifications or the lower load factor
used in the Service III load combination of the AASHTO LRFD Specifications (Wassef et al.
2014). The NCHRP Project 12-83 demonstrated that sections designed using the post-2005 method
exhibit lower reliability indices compared to those designed using the pre-2005 method. To address
this issue, the live load factor for these sections was increased to y.2 = 1.0, compensating for the
lower reliability indices.

In the AASHTO MBE (2018) load-rating equation, the capacity for service limit states is
defined as the allowable stress specified in the LRFD code, fz:

C = (1-16)

The allowable stresses, or stress limits, for prestressed concrete are delineated in AASHTO
LRFD (2020) Article 5.9.2.3, both prior to and following prestress losses. Specifically, the
AASHTO LRFD tensile stress limits for segmental bridges after losses are detailed in Table 1-2.
In joints and other areas without bonded reinforcement, no tension is allowed. Conversely, in joints
and other areas with bonded reinforcement, a certain amount of tension is allowed. The allowable

stress is related to the modulus of rupture, f;, which is defined as 0.24AVf <. ksi (AASHTO LRFD
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2020). The tested units for the modulus of rupture were either 4.0 or 6.0 inches deep. It has been
demonstrated that the cracking stress of concrete members significantly decreases with increasing
member depth. Consequently, the cracking stress for bridge members, which have a significantly
greater depth than the tested units, is lower than that of the tested units composed of the same
concrete. Therefore, the appropriate stress limits in Table 1-2, fz, are lower than the modulus of

rupture, f-.

Table 1-2 Tensile Stress Limits in Prestressed Concrete at Service Limit State after Losses

(Adapted from AASHTO LRFD 2020)

Bridge Type

Location

Stress Limit, fz

Segmentally Constructed
Bridges

These limits may be used
for  normal weight
concrete with concrete
compressive strengths for
use in design up to 15.0
ksi and  lightweight
concrete up to 10.0 ksi.

Longitudinal Stresses through Joints in the Precompressed
Tensile Zone

Joints with minimum bonded auxiliary reinforcement
through the joints sufficient to carry the calculated
longitudinal tensile force at a stress of 0.5f;; internal tendons
or external tendons

Joints without the minimum bonded auxiliary reinforcement
through joints

0.0948)\f"- < 0.3 (ksi)

No tension

Transverse Stresses

Tension in the transverse direction in precompressed
tensile zone

0.0948)\f"- < 0.3 (ksi)

Stresses in Other Areas

For areas without bonded reinforcement

In areas with bonded reinforcement sufficient to resist the
tensile force in the concrete computed assuming an
uncracked section, where reinforcement is proportioned
using a stress of 0.5f;, not to exceed 30.0 ksi

Principal tensile stresses in webs

No tension

0.1907". (ksi)

0.1100\f e (ksi)
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1.4.3 Segmental Bridge Provisions and Guidelines

1.4.3.1 Bridge Design Provisions

The AASHTO Guide Specifications for Design and Construction of Segmental Bridges was
initially introduced in 1989 to address the unique needs of segmental bridges, offering
comprehensive guidelines on design, construction techniques, prestressing methods, and joint
connections to ensure the safety, efficiency, and longevity of these structures. The second edition
of the AASHTO Guide Specifications was published in 1999 (AASHTO Guide Specifications
1999), with the last revisions made in 2002. Since then, it has been archived and is now considered
outdated, as newer specifications and methodologies have replaced it to align with current
engineering practices and standards.

Article 5.12.5, “Segmental Concrete Bridges,” in the current AASHTO LRFD
Specifications, is largely derived from the AASHTO Guide Specifications for the Design and
Construction of Segmental Concrete Bridges. This article addresses critical aspects of segmental
bridge analysis, including the redistribution of construction-stage force effects, construction loads,
and load combinations at both strength and service limit states. It also considers thermal effects
during construction, time-dependent phenomena such as creep and shrinkage, and alternative shear
design procedures for discontinuity regions. Additionally, it encompasses seismic design
considerations. The article provides comprehensive information on various types of segmental
bridges and includes provisions for the segmental construction of bridge substructures (AASHTO

LRFD 2020).
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There are three primary methods for constructing segmental bridges (AASHTO LRFD
2020 Article 5.12.5.4):
e Span-by-span: AASHTO LRFD (2020) Article C5.12.5.4.5 defines span-by span
construction as
construction ... where the segments, either precast or cast-in-place, are assembled
or cast on falsework supporting one entire span between permanent piers. The
falsework is removed after application of posttensioning to make the span capable
of supporting its own weight and any construction loads. Additional stressing may
be utilized after adjacent spans are in place to develop continuity over piers.
® Balanced cantilever: segments are alternately added on either side of a pier to maintain a
balanced system, which minimizes bending moments and stresses on the piers and
foundations. This method can be applied to both precast and cast-in-place cantilever
construction. AASHTO LRFD (2020) Article 5.12.5.4.4 states,
The cantilevered portion of the structure shall be investigated for overturning
during erection. The factor of safety against overturning shall not be less than 1.5
under any combination of loads.
Additionally, Article C5.12.5.4.4 specifies,
Stability  during erection may be provided by moment resisting
column/superstructure connections, falsework bents, or a launching girder. Loads
to be considered include construction equipment, forms, stored material, and wind.
e [ncremental launching: involves building bridge segments in a casting yard behind one of
the abutments and then pushing the completed segments forward along the bridge axis

using hydraulic jacks. Each segment is match-cast against the previous one and prestressed
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to form a continuous structure. This process is repeated until the entire bridge is in its final
position. AASHTO LRFD (2020) Article 5.12.5.4.6 states,
Stresses under all stages of launching shall not exceed the limits specified in Article
5.9.2.3 for members with bonded reinforcement through the joint and internal
tendons.
Provision shall be made to resist the frictional forces on the substructure during
launching and to restrain the superstructure if the structure is launched down a
gradient.

There are also two additional considerations in AASHTO LRFD (2020) specific to
segmental bridges. As outlined in Section 1.2, AASHTO LRFD (2020) Article 3.4.1 mandates the
consideration of principal tension in webs under the Service III limit state for segmental bridges.
Additionally, with respect to the thermal gradient (7G) load effect, this article prescribes the
evaluation of two load combinations involving 7G and live load (LL) at service limit states, which

are . LL +0.57G and 1.07G + OLL.

1.4.3.2 Bridge Load Rating Provisions
AASHTO MBE (2018) includes Article 6A.5.11, titled “Rating of Segmental Concrete Bridges”,
which outlines general rating requirements for segmental bridges, particularly for assessing load-
rating capacity in both longitudinal and transverse directions.

AASHTO MBE (2018) Article 6A.5.11 also specifies that the number of striped lanes
should be used as the number of live load lanes for operating rating, as opposed to the number of
design lanes used in inventory rating. Striped lanes refer to the actual, physical traffic lanes marked

on the roadway, representing real-world vehicle travel patterns across the bridge. In contrast,
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design lanes are idealized, hypothetical lanes with a width of 12 ft, employed for bridge design.
They represent the distribution of traffic loads for analytical purposes, independent of the actual
striped lane configuration. An illustrative example of striped versus design lane configurations is
depicted in Figure 1-4. Configuration 1 represents a scenario where the bridge is load-rated based
on the number of striped lanes, while Configuration 2 illustrates a scenario where the bridge is
load-rated based on the number of design lanes. The number of striped lanes is always less than or
equal to the number of design lanes; consequently, a lesser or equal amount of live load would be

applied for load rating at the operating level.

42 ft. 42 ft. -
lShouIder Lane 1-12 ﬂ___l_‘ane 2-12 1t Shoulder‘ k Lane 1 - 12 ﬂ Lane 2-12ft. Lane3- 121t i
7.6 ft 7.6 ft - -
] ] | 19in. | ) 1 19in.
Configuration 1 ’ Configuration 2

a) | b)
Figure 1-4 Lane Configurations for the Concrete Segmental Bridge: a) Striped-Lane

Configuration (Configuration 1); and b) Design-Lane Configuration (Configuration 2)

AASHTO MBE (2018) Article 6A.5.11 provides system factors for the longitudinal flexure
of segmental bridges, accounting for appropriate redundancy. These system factors consider
longitudinally continuous versus simply supported spans, the inherent integrity provided by the
closed continuum of the box section, multiple-tendon load paths, the number of webs per box, and
the types of details and their post-tensioning.

The Florida Department of Transportation (FDOT) developed specific provisions for the
load rating of segmental bridges, detailed in the document titled “New Directions for Florida Post-

tensioned Bridges — Volume 10A: Load Rating Post-tensioned Concrete Segmental Bridges”
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(Corven Engineering 2004). This document presents a more comprehensive version of the load-

rating equation, as follows:

_ C—ypcDC —ypwDW Fyg, (PS +EL) — yprFR — yegsu(CR + SH) — yryTU — yraT(

RF
v (LL + IM)

(1-17)

where EL is miscellaneous locked-in force effects resulting from the construction process,
including jacking apart of cantilevers in segmental construction; FR is the friction load; CR, SH,
TU and TG are force effects due to creep, shrinkage, uniform temperature, and temperature
gradient, respectively; and yez, yrr, ycr, ysu, y1u, and yrc are load factors for the corresponding load
effects.

Corven Engineering (2004) includes a table detailing the allowable stresses for concrete
bridges, separately for inventory and operating ratings (Table 1-3). The table specifies distinct
stress limits for Type A and Type B joints, as well as for other areas beyond the joints.
Additionally, it outlines higher stress limits for operating ratings. The stress values in Table 1-3
are indicated in psi units, whereas they are indicated in ksi units in Table 1-2. The conversion

factor is 0.0316f ksi per 1Nf% psi.
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Table 1-3 FDOT Table 8.2.B - Allowable Stresses for Concrete Bridges

(Corven Engineering 2004)

At the Service Limit State after losses

Stress Limit

Stress Limit

INVENTORY OPERATING Source of Criteria
Rating Rating
Compression (Longitudinal or Transverse):
e  Compressive stress under effective prestress, permanent loads, and 0.60/" 0.60/" LRFD Table 5.9.4.2.1-1
transient loads Seg Guide Spec 9.2.2.1
o  Allowable compressive stress shall be reduced accordingto Seg Guide Spec 9.2.2.1

AASHTO Guide Specification for Segmental Bridges when
slenderness of flange or web is greater than 15 (For both New
Design and Load Rating purposes)

Longitudinal Tensile Stress in Precompressed Tensile Zone:

(Intended for Pre and Post-Tensioned Beams and similar construction)For
components with bonded pretressing tendons or reinforcement that are
subject to not worse than:
For (a) an aggressive corrosion environment and
(b) moderately aggressive corrosion environment
For components with unbonded prestressing tendons

3" psi tension
No Tension

7.5\f"c psi tension
No Tension

LRFD Table 5.9.4.2.2-1 and FDOT
FDOT no distinction for Environ't
LRFD Table 5.9.4.2.2-1

Longitudinal Tensile Stress through Joints in Precompressed Tensile Zone:

(Intended for Segmental and similar construction)
Type A joints with minumum bonded auxiliary longitudinal reinforcement
sufficient to carry the calculated longitudinal tensile force at a stress of0.5fy;
for internal and/or external PT (e.g.cast-in-place construction)
For (a) an aggressive corrosion environment and
(b) moderately aggressive corrosion environment

Type A joints without the minimum bonded auxiliary longitudinal
reinforcement through the joints; internal and/or external PT (e.g. match-cast
epoxy joints or unreinforced cast-in-place closures between precast segments or
between spliced girders or similar components.)

Type B joints (dry joints - no epoxy); external tendons:

34/ psi tension

No Tension

100 psi min comp

7.5\f. psi tension

No Tension

No Tension

LRFD Table 5.9.4.2.2-1

Seg Guide Spec 9.2.2.2

FDOT no distinction for Environ't
Ditto and

FDOT Seg. Rating Criteria

Seg Guide Spec 9.2.2.2 FDOT
Seg. Rating Criteria

Transverse Tension, Bonded PT:

Tension in the transverse direction in precompressed tensile zone

calculated on basis of uncracked section (i.e. top prestressed slab)
For (a) an aggressive corrosion environment and
(b) moderately aggressive corrosion environment

34/ psi tension

6" psi tension

Seg Guide Spec 9.2.2.3

LRFD Table 5.9.4.2.2-1

FDOT no distinction for Environ't
FDOT Seg. Rating Criteria

Tensile Stress in Other Areas:

Areas without bonded reinforcement

Areas with bonded reinforcement sufficient to carry the tensileforce
in the concrete calculated on the assumption of an uncracked
section is provided at a stress of 0.5fy (< 30 ksi)

No tension

67/ psi tension

No tension

6" psi tension

Seg Guide Spec 9.2.2.4
LRFD Table 5.9.4.2.2-1

Seg Guide Spec 9.2.2.4
LRFD Table 5.9.4.2.2-1

Principal Tensile Stress at Neutral Axis in Webs (Service III):

All types of segmental or beam construction with internal and/or
external tendons.*

34/ psi tension

4\f'. psi tension

FDOT LRFR Rating Criteria

* Principal tensile stress is calculated for longitudinal stress and maximum shear stress due to shear or combination of shear and torsion, whichever

is the greater. For segmental box, check neutral axis. For composite beam, check at neutral axis of beam only and at neutral axis of composite section and take the
maximum value. Web width is measured perpendicular to plane of web. For segmental box, it is not necessary to consider coexistent web flexure. Account should
be taken of vertical compressive stress from vertical PT bars provided in the web, if any, but not including vertical component of longitudinal draped post-

tensioning - the latter should be deducted from shear force due to applied loads.

Check section at H/2 from edge of bearing or face of diaphragm, or at end of anchor block transition, whichever is more critical.

For the design of a new bridge, a temporary principal tensile stress 0f4.5\_/f'( psi may be allowed during construction - per AASHTO Seg. Guide Spec.

Initial load ratings for new design should be based upon specified concrete strength.

Load rating of an existing bridge should be based upon actual concrete strength from construction or subsequent test data.
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1.4.4 Identified Literature Gaps

The existing literature provides a substantial number of provisions that generally address
segmental bridges. However, these provisions do not comprehensively cover all specific aspects
of segmental bridges, resulting in certain gaps.

Wassef et al. (2014) made significant advancements in refining the live load factor for
service limit states. However, their focus was on transitioning the estimated time-dependent
prestress losses from the “pre-2005” to the “post-2005” method, known as “Refined Estimates of
Time-Dependent Losses”, and the latter method was based on, and intended for, precast,
prestressed girder bridges (Tadros et al. 2003), rather than segmental bridges. AASHTO LRFD
(2020) mandates that time-dependent losses for segmental bridges be determined using the detailed
time step method. Historically, segmental bridges have also been designed using gross-section
properties rather than transformed-section properties employed in the “Refined Estimates of Time-
Dependent Losses”. The changes in prestress loss methods in 2005 did not impact the time step
method (Tadros et al. 2003). Therefore, the increase in the load factor from y.; = 0.8 to y.2 = 1.0
does not apply to segmental bridge sections designed using the time step method. Consequently,
the live load factor specific to segmental bridge sections needs to be calibrated.

As mentioned in Section 1.4.3.2, AASHTO MBE (2018) prescribes using the number of
striped lanes for operating rating, which implies applying a lower live load on a bridge than for
inventory rating, thereby reducing reliability for operating rating as intended. However, Article
C6A.5.11.4 notes that while using the number of striped lanes resulted in lower reliability for
ratings at the service limit states compared to the reliability computed by using the number of
design lanes, the resultant increment in fr was unknown. AASHTO MBE (2018) C6A.5.11.4

references a brief study of existing bridges, which suggested that using the number of striped lanes
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resulted in adequate operating ratings at the service limit states for well-performing segmental box
girder bridges. This was not the case when using the number of design lanes. However, AASHTO
MBE (2018) does not cite a source for this study. Therefore, a more precise reliability analysis
should be conducted to calibrate guidelines for inventory and operating ratings and to ensure that
the provisions are well justified.

In light of the identified literature gaps, it is imperative to calibrate the load and resistance

factors for the Service III limit state in segmental bridges using a probabilistic approach.

1.5 Research Plan
The research plan for the present study involves implementing a reliability-based calibration
procedure, adapted from previous reliability-based calibration studies (Nowak 1999; Wassef et. al.
2014), and encompasses the following steps:

1. Select representative structures.

2. Formulate limit state functions.

3. Establish the reliability analysis procedure.

4. Develop statistical parameters of load.

5. Develop statistical parameters of resistance.

6. Identify representative load and resistance design values.

7. Compute reliability for representative structures.

8. Select the target reliability index.

9. Calculate and verify load and resistance factors.
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1.6 Organization

The subsequent chapters of this dissertation are organized as follows. Chapter 2 presents statistics
on segmental bridges, the selection of representative structures, and the formulation of limit state
functions for segmental bridges. Chapter 3 outlines the reliability analysis procedure. Chapter 4
focuses on developing statistical parameters for loads. Chapter 5 covers the development of
statistical parameters for resistance. Chapter 6 discusses the application of reliability analysis to
the selected representative structures, the selection of target reliability indices, and the derivation
of load and resistance factors. Chapter 7 provides a summary of conclusions and offers
recommendations for future work aimed at accurately reflecting the reliability of precast,

prestressed construction.
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Chapter 2. SELECTION OF REPRESENTATIVE STRUCTURES AND LIMIT

STATES OF SEGMENTAL BRIDGES

2.1. Segmental Bridge Statistics

According to the American Segmental Bridge Institute (ASBI 2024), there are over 450 segmental
bridges in the United States (Figure 2-1). These bridges are distributed across various states. A
statistical analysis of segmental bridges was performed using data from the National Bridge
Inventory (NBI) database (FHWA 2024), which includes information on 399 bridges across 43
states. The distribution of bridges by state is illustrated in Figure 2-2. Notably, approximately 50%
of these bridges are concentrated in three states: Florida, Massachusetts, and Texas (Popok et al.
2024) . Popok et al. (2024) reported the results of project NCHRP 12-123, completion of which

led to the development of the guideline document for the load rating of segmental bridges.

ASBI Segmental Bridge App
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Figure 2-1 Map of Segmental Bridges in the United States (ASBI 2024)
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Figure 2-2 Distribution of Segmental Bridges by State (Based on Data Taken from FHWA
(2024))

The following figures illustrate the distributions of segmental bridges based on various
criteria as indicated in NBI. Figure 2-3 presents the distribution by type of main structure and
number of lanes. It is evident that continuous prestressed concrete bridges predominate, and the
majority of the bridges feature two lanes.

The data for Figure 2-4 was considered for segmental bridges in the following selected
states: Florida, Massachusetts, Texas, Colorado, California, Alabama, Michigan, and Minnesota.
These states were chosen based on the number of segmental bridges and the availability of data
for analysis. The statistical data for all segmental bridges in these states is presented for various
parameters, including bridge age, maximum span length, total length, number of approaching

spans, number of lanes, Average Daily Truck Traffic (ADTT) per lane, superstructure rating, and
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rating method. Figure 2-4 illustrates the distributions of these parameters, along with the
percentage representation of each group for all segmental bridges (Popok et al. 2024).
Steel Continuous, .
1 Concrete Simply Supported, 6

Concrete Continuous, 18

r
1‘ Prestressed Concrete
\ ‘ Simply Supported , 59

Steel Simply Supported, 1-

10 lanes, 1

5 lanes, 9 6 lanes, 5

D

Figure 2-3 Distribution of Segmental Bridges (Based on Data Taken from NBI) by a) Type of the

b)

Main Structure, and b) Number of Lanes
Figure 2-5 illustrates the distribution of segmental bridges based on their condition ratings.
It indicates that the majority of bridge superstructures are in good condition, as are the majority of

bridge decks. Overall, the majority of segmental bridges are rated as being in good condition.
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Figure 2-5 Condition Rating Statistics of Segmental Bridges (Based on Data Taken from NBI):

a) Superstructure Rating, b) Deck Rating, c) Bridge Condition
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2.2.  Selection of Representative Structures
The aim of this task was to choose a set of segmental bridges for inclusion in this study. The chosen
set exemplifies the common segmental bridges found in real-world applications.

The bridge structures selected for analysis are representative based on various parameters,
including geographic location (specific states), age, maximum span length, total length, width,
curvature, material type, rating method, design live load model, traffic volume (measured by
ADTT), and overall condition. These selection criteria were established based on the availability
of public domain data. Additionally, the selection process was informed by bridge parameter data
available in the literature, such as finite element modeling (FEM) software (Midas Civil) tutorials
that provide idealized versions of actual bridges, and data from sources like the Corven
Engineering, Inc. company and state Departments of Transportation (DOTs).

Based on the above-mentioned selection criteria and the available data, representative
segmental bridge structures were selected as shown in Table 2-1.

The Midas Civil tutorials (MIDAS 2021a; 2021b; 202 1c) provide data from three examples
(idealized versions of actual existing bridges) that represent the primary construction methods:
span-by-span, balanced cantilever, and incremental launching. These example bridges were also
included in the analysis. The elevation and cross-sectional views of these bridges are illustrated in

Figure 2-6 through Figure 2-8.
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Table 2-1 Representative Structures

Max

Total

Number

Year span span of spans Deck Number Erection ADTT Superstructure
State Bridge ID . Material P P O Spat Width per Rating Method P o
built length length in main of lanes Type Condition
. [ft] lane
[ft] [ft] unit
890150 2006 P/C Cont. 152 4,661 31 61 2 Sp;‘;‘;zy' 455 LRFR Good
. Span-by-
Florida 150189 1986  P/C Cont. 1,200 21,877 11 95 4 Span 1,078 LRFR Good
580174 1999  P/C Cont. 225 18,425 131 43 2 Sp;géﬁy' 595 LRFR Fair
North Carolina 5140182P 1983  P/C Cont. 508 1,249 8 45 2 Progressive 718 LRFR Good
Cantilever
Tennessee 5460214P 2013 P/C Cont. 180 790 5 38 2 Balanced 340 AS Good
Cantilever
Colorado F-07-AL 1986 P/C Cont. 132 613 5 38 2 Sp;géﬁy' 553 LF Good

The characteristics of all bridge structures utilized in the reliability analysis, including partial structures, are presented in Table

2-2. This selection includes bridges from various states, spanning different ages and employing diverse construction and erection

methods. For the Garcon Point Bridge, two structures were considered: the main unit, constructed using the balanced cantilever method,

and the typical unit, constructed using the span-by-span method. Consequently, the representative bridge database comprises ten bridge

structures in total.
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Figure 2-7 a) Elevation and b) Cross-Sectional Views of the Concrete Segmental Bridge

Constructed with the Incremental Launching Method (Popok et al. 2024)

50



FSM ZOH;)_\ /I'{ey Segment 1 Key Segment 2

Key Segment 3\ FSM zone

] N\ VA

| ——

E\ Roller It D— Rigid Connection — %}

______1_
.
=
=
@
N

1
1
|
ili 279 f. :
I

1
1
| 279 ft. it 426 ft. i
1
1
' JATAY 984 fi. JATAY
a) Fixed Fixed
¢of box

19.8 in. 19.8in.
— 413 in. —68.9 in_A—t——Lt——BS_Q in—=53.1 in-=+53.1 in——68.9 in_ari—r—es_g in—= 41.3in. —

9.8ing_ 9.8in.
98in. |

19.8 in. 12.8in.~ 19.8in.

76.4in.

8in.
[102in. /°

2224 in. ——fTZ_S in_——l*49_2 in_—l——{
19.8 in.

o

49.2 in——72.8 in—
b) 19.8 in. |

Figure 2-8 a) Elevation and b) Cross-Sectional Views of the Concrete Segmental Bridge

Constructed by Balanced Cantilever Method (Popok et al. 2024)

51



Table 2-2 Characteristics of the Selected Bridges

Deck Construction/
g:;‘i‘el/l ation State Bridge ID ;f:li 1&;" ti'ﬁg g";ﬂ‘l’: Width Erection
g g P [ft] Method
Midas Example 1 N/A N/A N/A 148 3 27.9 Span-by-Span
_ Balanced
Midas Example 2 N/A N/A N/A 426 3 42 .
Cantilever
Midas Example 3 N/A NA  NA 164 3 404 Incremental
Launching
N/A Colorado  F-07-AL 1986 132 5 38 Span-by-Span
Foothills Bridge  Tennessee 5460214P 2013 180 5 36.8 Balanced
Cantilever
Ermest Lyons Florida 890150 2006 152 6 33 Span-by-Span
Bridge pan-by->p
Garcon Point Balanced
. Florida 580174 1999 225 8 43.1 Cantilever/Span-
Bridge
by-Span
Sunshine Skyway .
Bridge Florida 150189 1986 135 6 42.75 Span-by-Span
Linn Cove North Progressive
Viaduct Carolina >140182P 1983 180 8 343 Cantilever
2.3. Limit States for Segmental Bridges

2.3.1. Selection of Limit States

As a result of a comprehensive review of limit states pertinent to segmental bridges, and

incorporating insights from segmental bridge experts, including those affiliated with ASBI and

state transportation agencies, appropriate limit states were identified for the analysis for both

service and strength levels. The selected limit states are as follows:

e Service limit states:

= flexural tensile stress,
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= principal tensile stress (combined flexural, shear, and torsional effects).
e Strength limit state:
= flexural strength,
= shear strength (from combined direct shear and torsion)
Joint behavior must be taken into account. Therefore, these limit states were evaluated at

each joint.

2.3.2. Formulation of Limit State Functions

As outlined in Section 1.4.1.2, the limit state function is defined by Equation (1-2), which

is:
g=R—-0Q0=0

The concept of R and Q as nominal values of resistance and load, respectively, and Q as a
sum of load effects, was also introduced in Section 1.4.1.2. It is crucial to note that the resistance
capacities and load effects considered in a limit state function vary and are specific to the limit
states under consideration. Specifically, for service limit states, the load effects are flexural and
shear stresses, while for strength limit states, they are bending moments and shear forces. As
outlined in Section 1.4.2.2, the resistance for service limit states is defined as the allowable stress.
The resistance for strength limit states is defined as the nominal bending moment strength, A, and
shear force strength, V.

The limit state functions for each limit state considered in this study are further delineated.

The load effects for each limit state are incorporated in accordance with AASHTO LRFD (2020).
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o Service Flexural Tensile Stress
The components of the limit state function for this limit state are normal stresses, and the

limit state function is defined as follows:
fr — Upc + fow + fes + fersu + fru + fre + fu) =0 (2-1)

The load effects in this equation are normal stresses due to the specified load components,
which are defined as:

_F My (2-2)
f_A+ i

where F is an axial force acting at the cross section, 4 is a cross-sectional area, M is a bending
moment acting at the cross section, y is a distance from the neutral axis of the cross section to the
location where the normal stress is being determined, and / is a moment of inertia of the cross-
sectional area about the neutral axis.
o Service Principal Tensile Stress
The components of the limit state function for this limit state are shear stresses, and the
limit state function is defined as follows:

Vp — (Wpc + Vpw + Vps + Versy + Vry + V1) =0 (2-3)

The load effects in this equation are shear stresses due to the specified load components

due to the transverse shear force, v,, combined with shear from torsion in the web, v;, which are

defined as:
v=v,+ 1, (2-4)
VaQ, (2-5)
v, = ——
It,,
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T (2-6)

Yt =24, -05t,

where V is a shear force acting at the cross section, Oy is a first moment of area of section above
the centroidal axis, #, is a total web width perpendicular to median slope of web, at centroidal axis,
T'is a torque acting at the cross section, and Ao 1s a torsional area (total area enclosed by the median
line of the exterior webs and slabs of the box section).

The allowable shear stress, vg, is the shear stress corresponding to the allowable principal
tensile stress, fi,z, as illustrated on the Mohr’s circle with radius Rr in Figure 2-9. To express these

relationships mathematically, vz can be determined using the following equations:

S f C SR Normal Stress
Compression Tension
VR
Shear
Stress

Figure 2-9 Mohr’s Circle for Allowable Principal Tensile and Shear Stresses

(2-7)

N |~

Rp = f1,R -

(2-8)

where f'is the normal stress due to prestressing.
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o Flexural Strength
The components of the limit state function for this limit state are bending moments and
capacity, and the limit state function is defined as follows:

M, — (Mpc + Mpy, + Mps + Mcpsy + M) =0 (2-9)

The load effects in this equation are bending moments due to the specified load
components.
o Shear Strength
The components of the limit state function for this limit state are shear forces and capacity,
and the limit state function is defined as follows:

Vo — (Vpe + Vow + Vps + Vegsy + V) =0 (2-10)

The load effects in this equation are shear forces due to the specified load components.

The variations in load components across different limit states are predominantly attributed
to the prestressing force component and temperature effects. In service limit states, the stresses
induced by the primary prestressing force should be considered, as they contribute to the structural
capacity. Conversely, for strength limit states, the primary prestressing force is integrated into the
capacity, necessitating the inclusion of only the secondary prestressing force effects. These
secondary effects pertain to the additional stresses and deformations induced in continuous bridges
due to the restraining influence at intermediate supports and should be accounted for on the load
side (Grouni and Nowak 1984; Nowak and Grouni 1983). Additionally, temperature effects are
only applicable to the service limit states. Specifically, temperature gradients are relevant only to

the service flexure limit state (AASHTO LRFD 2020, Corven Engineering 2004).
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3. RELIABILITY ANALYSIS PROCEDURE

3.1. Determining the Reliability Index

For selected representative segmental bridges, the nominal load components for each bridge and
limit state can be determined through finite-element modeling. Similarly, the nominal resistance
values can also be established. The means and standard deviations of both loads and resistance can
be calculated using the statistical parameters selected and developed as discussed in the next
chapters. Consequently, with these statistical parameters, the reliability indices can be computed.
These reliability indices can then be categorized by different limit states and presented in tabular
form. Assuming that R (resistance) and Q (load) are independent variables, and that the sum of the
load components and the resistance both follow a normal distribution, the reliability index can be
calculated as follows (Cornell 1969):

mg —myg (3-1)
’aﬁ + 0§

where ur and uo represent the mean values of the resistance and load components, respectively,

ﬁ:

and or and op denote their standard deviations.

3.2.  Reliability Index Calculation for Considered Limit States

Considering the various components of the limit state function for the different limit states and the
load components integrated within each function, Equation (3-1) can be expanded for each
specified limit state taking into account corresponding limit state functions (Section 2.1.2). This

expansion is discussed further in the subsequent discussion.
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o Service Flexural Tensile Stress
The elements of the limit state function for this limit state involve normal flexural stresses,
and the reliability index is determined as follows:

Urr — Urpc — Ufpw — Hfps — UrcrsH — Hftu — Hfre — HfLL (3-2)

ﬁ =
2 2 2 2 2 2 2 2
JafR + 0fpc + Ofpw t Ofps t Ofcpsy + Oy + Ofrg + 07,
o Service Principal Tensile Stress
The elements of the limit state function for this limit state involve shear stresses, and the

reliability index is calculated as follows:

HUyr — Uypc — Hypw — Hyps — HycrsH — HvTu — HyLL (3-3)

\/U +O_DC+ DW+ PS+ CR5H+ TU+UvLL

B=

o Flexural Strength
The elements of the limit state function for this limit state involve bending moments and
capacity, and the reliability index is determined as follows:

_ Upmn — Umpc — UmMpw — Umps — UMcRSH — UMmLL (3-4)

2 2 2 2 2 2
\/ Oumn t Oypc t+ Oupw + Oyps + Oycrsy + OmiL

o Shear Strength
The elements of the limit state function for this limit state involve shear forces and capacity,

and the reliability index is calculated as follows:

_ Hyn — Hypc — Uvpw — Hyps — HycrsH — HyLL (3-3)

2 2 2 2 2 2
\/ Oyn t Oypc + Oypw + Oyps + Opcrsy + Oy
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3.3. Resistance Models for Strength Limit States

Particular emphasis should be placed on determining the statistical parameters for resistance in
strength limit states. The resistance of a structural component for these limit states, R, is treated as
a random variable with different types of uncertainty. It is useful to express R as the product of the
nominal value R, and three factors, as illustrated in equation

R = R,MFP (3-6)

where R, is the nominal (design) resistance value, M is the materials factor representing material
properties, F is the fabrication factor representing the component’s dimensions and geometry, and
P is the professional factor representing the approximations in structural analysis and idealized
mathematical models for predicting load-carrying capacity.

The statistical parameters for M, F, and P are explored in Chapter 5. In this study,
cumulative distribution functions for the structural types considered were generated using the
Monte Carlo technique, as described further in Section 3.3.3. The mean values of resistance (u)
and standard deviation (¢) were determined, and the bias factor (1) and coefficient of variation
(COV) were calculated for bridges from the selected representative segmental bridge database. For
the purposes of reliability analysis, variables are typically expressed in terms of the bias factor (1)
and the coefficient of variation (COV’) of normal distributions. In this dissertation, the bias factor
(4) denotes the ratio of the mean value to the nominal value, while the coefficient of variation
(COV) represents the ratio of the standard deviation to the mean value (Equation (3-7)). The
coefficient of variation (COV) quantifies the relative dispersion of the data. Subscripts are added
to these statistical parameters to indicate the specific variable they pertain to. For instance, Az and

COVx refer to the parameters for the resistance of structural components (R).
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__mean K« (3-7)
*  nominal X

Ux
cov, ==~
.

3.3.1. Flexural Strength Provisions
In accordance with the AASHTO LRFD (2020) Article 5.6.3.2.2, the nominal flexural strength for

flanged sections, M,, reasonably assuming the neutral axis is in the flange, can be estimated as

follows:
My = Apefis (dp = 5) + Asfi (ds = 5) = Asfi (di = 3) (3-8)
in which
a=cp (3-9)
0.85 if f <4ksi (3-10)
By =0.85—0.05(f, —4) if 4ksi<f <8ksi
0.65 if f. = 8ksi
where:
Aps = area of prestressing steel
Jps = average stress in prestressing steel at nominal bending resistance
dp = distance from extreme compression fiber to the centroid of prestressing tendons
As = area of nonprestressed tension reinforcement
fs = stress in the nonprestressed tension reinforcement at nominal flexural resistance
ds = distance from extreme compression fiber to the centroid of nonprestressed tensile
reinforcement
A's = area of compression reinforcement
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s = stress in the nonprestressed compression reinforcement at nominal flexural resistance

d's = distance from extreme compression fiber to the centroid of compression reinforcement
c = distance from the extreme compression fiber to the neutral axis

B = stress block factor

Sfle = specified concrete compressive strength.

Equation (3-8) specifically applies to the typical scenario for the segmental bridge cross
sections where the compressive stress block maintains a constant width throughout its depth. Since
prestressing steel lacks a clearly defined yield point or plateau, design calculations for f,s are
approximate. A design value for f,s can be determined through a strain compatibility analysis and
an assumed stress-strain relationship for the prestressing reinforcement. Alternatively, under
common conditions, the design value for f,s for components with bonded prestressing tendons,
applicable to the selected representative bridges, can be calculated using the approximate

expression provided in AASHTO LRFD (2020) Article 5.6.3.1.1:

c (3-11)
fos = fou(1—k a
P
in which
3-12
k=2<1.04—f”—y> G-12)
fou
For low relaxation strand, £ = 0.28.
c= Aps fou (3-13)
0.85f, b + kApsZ’—”
P
where:
Jou = specified tensile strength of prestressing steel
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oy = yield strength of prestressing steel
b = width of the compression face of the member. For a flange section in compression, the
effective width of the flange.

For the representative bridges in this study, nonprestressed reinforcement is typically not

used for flexural strength. Therefore, Equation (3-8) can be simplified as follows:

a

My, = Apsfys (dy - E) (3-14)

3.3.2. Shear Strength Provisions
In regions where it is reasonable to assume that plane sections remain plane after loading,
components may be designed for shear according to AASHTO LRFD (2020) Article 5.7.3.3. The

nominal shear strength, ¥, can be estimated as follows:

Vo =V, +V+V, <0.25f/b,d, (3-15)
in which
V. = 0.031681/f)b,d, (3-16)
Ay fydy,(cotf + cota) sina (3-17)
Vs = duct
S
2 (3-18)
Aauce =1—96 <¢Zuct)
w
where:
Vy = component of prestressing force in the direction of the shear force; positive if resisting
the applied shear
by = effective web width taken as the minimum web width within the depth d,
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dy = effective shear depth

S = factor indicating ability of diagonally cracked concrete to transmit tension and shear

A = concrete density modification factor

Ay = area of transverse reinforcement within a distance s

I = yield strength of the nonprestressed reinforcement

% = angle of inclination of diagonal compressive stresses

o = angle of inclination of transverse reinforcement to longitudinal axis

S = spacing of transverse reinforcement measured in a direction parallel to the longitudinal
reinforcement

Aauer = shear strength reduction factor accounting for the reduction in the shear resistance

provided by transverse reinforcement due to the presence of a grouted post-tensioning
duct. Taken as 1.0 for ungrouted post-tensioning ducts and with a reduced web or flange

width to account for the presence of ungrouted duct

0 = duct diameter correction factor, taken as 2.0 for grouted ducts
dauer = diameter of post-tensioning duct present in the girder web within depth d,
bw = gross width of web, not reduced for the presence of post-tensioning ducts.

Instead of following the provisions of Article 5.7.3, segmental post-tensioned concrete box
girder bridges can be designed for shear using the guidelines specified in AASHTO LRFD (2020)

Article 5.12.5.3.8c. The nominal shear strength, ¥, can be estimated as follows:

V, =V.+V, <0.3794,/f/b,d (3-19)
in which

V. = 0.0632KA\/f.b,d (3-20)
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Ay fyd (3-21)

Vo=—,
(3-22)
K= 14— -
0.06321,/f/
where:
d = 0.84 or the distance from the extreme compression fiber to the centroid of the

prestressing reinforcement, whichever is greater
Jre = unfactored compressive stress in concrete after prestress losses have occurred either at
the centroid of the cross section resisting transient loads or at the junction of the web and
flange where the centroid lies in the flange.
The shear resistances of the segments in the selected representative bridges in this study
are calculated based on the AASHTO LRFD (2020) Article 5.12.5.3.8c alternative shear design

procedure for segmental bridges, as it is specifically developed and targeted for segmental bridges.

3.3.3. Statistical Parameters of Resistance by Monte Carlo Simulation
Monte Carlo simulation and linear regression are employed to develop the resistance parameters
of the representative segmental bridges by integrating the random variables. The Monte Carlo
simulation method numerically simulates outcomes without extensive physical testing. Statistical
parameters, with specific probability distributions essential for determining the flexural and shear
strength of concrete components, are derived from prior test results and available
recommendations. This data is then used to generate numerical samples. Nowak and Collins (2013)
provide a detailed explanation of the Monte Carlo technique in reliability analysis. The statistical
parameters of resistance are determined by applying linear regression to the resistance statistical

distribution.
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The algorithm used in this study to determine the statistical parameters for the flexural
strength resistance of the representative segmental bridges involves the following steps. The

procedure to determine R, is as described in Section 3.3.1 (Equation (3-7) through Equation (3-9)):
1. Calculate Ry, = Aps nfpsn (dp,n - az—”) using nominal values.
2. Randomly generate values for each variable required to determine the flexural strength.
3. Compute R = Apsfps (dp — %) P using the randomly generated values.

4. Calculate the ratio R/R, and record the result.

5. Repeat steps 2—4 until a sufficient number of R/R, values have been simulated. The number
of simulations was 1x10° in all cases.

6. Plot the cumulative distribution function of R/R, on a normal probability scale.

7. Fit a straight line to the distribution using linear regression.

8. Determine Az and COVr based on the intercept and slope of the fitted line.
A similar methodology to the one described above was utilized to determine the statistical

parameters for the shear strength resistance of the representative segmental bridges. This involved

the specific procedure for assessing shear resistance instead as detailed in Section 3.3.2 (Equation

(3-18) through Equation (3-21)).
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4. DEVELOPMENT OF STATISTICAL MODELS FOR LOADS

4.1. Considered Statistical Parameters and Load Components for Reliability Analysis
The statistical parameters for permanent loads were derived from existing literature. Certain
parameters were adjusted using engineering judgment, while others were refined based on the
analysis results from a selected representative segmental bridge database, as discussed further.
The load components considered in this study include:
e Dead loads: structural components and nonstructural attachments (DC), and wearing
surfaces and utilities (DW)
e Superimposed deformations: creep (CR), shrinkage (SH), and temperature effects (uniform
temperature, 7U, and thermal gradient, 7G)
e Prestressing effects: both primary and secondary (PS)
e Liveload (LL)
The development of statistical models for these loads is elaborated upon in the subsequent

sections of this chapter.

4.2.  Statistical Models for Dead Loads and Superimposed Deformations

As referenced in Section 1.4.2.1, Nowak (1999) made significant contributions to the
calibration of the AASHTO LRFD Bridge Design Specifications. The statistical parameters for
dead load were directly adopted from this document and are presented in Table 4-1. For the dead
load of the wearing surface (DW), the nominal asphalt thickness is assumed to be equal to the mean
value, which is 3.5 inches. Consequently, the bias factor is calculated as Apw = wpw/DW, = 3.5

in./3.51n. =1.0.
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Table 4-1 Statistical Parameters of Dead Load (Nowak 1999)

Component Bias Factor, 4 Coefficient of Variation (COYV)
Cast-in-place members (DC) 1.05 0.10
Factory-made members (DC) 1.03 0.08
Asphalt 3.5in.* 0.25

* Mean thickness

As detailed in Section 1.4.3, it is crucial to account for superimposed deformations such as
creep, shrinkage, and temperature effects in the design and load rating of segmental bridges. The
statistical parameters for these deformations were derived from the calibration studies of the
Ontario Bridge Design Code (Grouni and Nowak 1984; Nowak and Grouni 1983). These studies
established the statistical parameters for strain-related effects of creep (CR) and shrinkage (SH)
with 4 = 0.90 and COV = 0.20, and for temperature effect (7U) with A = 1.00 and COV = 0.25.
However, current practice observations suggest slightly adjusted values, with A = 1.00 and COV =
0.15 for all three effects (CR, SH, and TU). These values have been adopted in the present study

for these effects.

4.3. Statistical Models for Prestressing Effect

The studies on the Ontario Bridge Design Code (Grouni and Nowak 1984; Nowak and
Grouni 1983) indicate that the effect of prestressing force can be considered the result of axial
(longitudinal) force, primary moment due to the eccentricity of the prestressing force, and
secondary effect of prestressing in continuous girders. The joint effect of these components is
characterized by 4 (mean-to-nominal) = 1.00 and COV = 0.05.

In the present study, an investigation was conducted to evaluate the nominal values of
normal stress in concrete at the bottom fiber due to prestressing at the critical midspan sections of

selected representative segmental bridges, obtained as a result of finite-element modeling. In
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particular, Midas Civil software was utilized due to its specific design for bridge analysis. The
Midas Civil tutorials (MIDAS 2021a; 2021b; 2021c) guided specific modeling choices. The
software features a built-in database of bridge cross-section types and an automatic mesh
generation function with appropriate mesh sizes, which was employed in this study. Time-
dependent concrete material models were used, with material properties defined according to the
CEB-FIP (1990) design code. Beam elements were used for the structures, and the location and
properties of the tendons were specified in a dedicated section. Supports in translational directions
were input longitudinally at span separation locations and transversely at two locations to support
the segment box. The dead loads were defined as self-weight and superimposed dead load (barriers
and asphalt pavement). The temperature load was defined according to AASHTO LRFD (2020)
based on the corresponding temperature zone. The live load was defined as HL-93, also per
AASHTO LRFD (2020). Construction stages were defined to account for the impact of the
sequence of works conducted during construction.

The nominal values of normal stress were compared to the stress values in these sections
required by the design according to AASHTO LRFD (2020). The required stress due to
prestressing was determined using the design equation for the service flexure limit state. According
to the FDOT table (Table 1-3) for allowable stresses in concrete bridges (Corven Engineering
2004), the stress limit for Type A joints without the minimum bonded auxiliary longitudinal
reinforcement through the joints, whether internal or external prestressing (e.g., match-cast epoxy
joints or unreinforced cast-in-place closures between precast segments or spliced girders), is zero

tension (fz = 0). Therefore, the design equation will be as follows:

Yocfoc + Yowfow + Vesprfespr + Yesscfpsse + Yersufersu + Yrufru + Yrefre + vinfi =0 (4-1)
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According to AASHTO LRFD (2020), all load factors in this equation are 1.0, except for
yre and yrr. As detailed in Section 1.4.3.1, AASHTO LRFD (2020) mandates the evaluation of
two load combinations involving temperature gradient (7G) and live load (LL) at service limit
states: yzz LL + 0.57G and 1.07G + OLL. Consequently, there are two cases of Equation (4-1) to

consider, which are as follows:

foc + fow + fespr t fpssc t fersu + frv + 0.5fr¢ +0.8f,, =0 (4-2)
foc + fow + fespr + frssc + fersu + frv + fr¢ =0 (4-3)

Both combinations were evaluated to determine the governing (maximum) required stress

in concrete due to prestressing. The stress resulting from prestressing can be expressed as follows:

fPSpr + fpssc = —foc — fow — fersu — frv — Yrefre — ViLfiL (4-4)

Both primary and secondary effects in concrete due to prestressing are induced by the same
prestressing force; therefore, variations in the amount of prestressing will influence both primary
and secondary effects in the concrete. For instance, a reduction in prestressing stress will decrease
the primary effect in concrete, which contributes to resistance (an undesirable outcome), but will
also reduce the secondary effect, which contributes to the load (a desirable outcome). It is assumed
that the ratio between primary and secondary effects in a specific section remains constant as the
amount of prestressing changes. Therefore, we assume there is a fixed ratio of fpsse/fpsp-in a section,

and Equation (4-4) can be modified accordingly:

fPSsc > (4'5)

fPSpr (1 + = —fpoc — fow — fersu — fru — Yrefre — ViLfiL

f PSpr

The ratio of fpsso/frspr was determined using the nominal fpssc and fpsp- values obtained from
finite element modeling. Consequently, the required primary prestressing effect in concrete can be

determined as follows:
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_ —foc = fow = fersu — fru = Yrefre — ViofiL (4-6)
fPSpr,req -

14 fPSsc
fPSpr

This can be demonstrated with an example of the bridge constructed using the incremental
launching method (Midas Example 3, Table 2-2). The nominal primary prestressing stress at the
critical midspan section, obtained from finite element modeling, is fpsy = -1600 psi (compression).

The required prestressing was calculated using both combinations:

—860 — 148 —0.04-0-0.5-45-0.8-270

fPSpr,reql = 36 = —1275 psi
1+ =1600
—860—-148—-0.04—-0—-1-45 )
fpsprireqz = 36 = —1077 psi
1+ =7600

The first combination governs, resulting in a required prestressing stress of fpspr,req = -1275
psi in this section. This indicates that the section is overdesigned by a factor of -1600/-1275 = 1.25.
A similar analysis was conducted for the nine remaining bridge structures in the representative
bridge database (Table 2-2), revealing that, on average, the bridges were overdesigned by a factor
of 1.25. The minimum overdesign factor for the investigated bridge structures is 1.0, the maximum
is 1.6, and the median is 1.22.

This common overdesign of existing bridges provides additional structural reliability,
which can be advantageous. Consequently, it was decided to leverage this additional reliability by
increasing the bias factor for the prestressing effect (both primary and secondary, although

increasing the secondary effect is not beneficial) to a value of 1ps = 1.25.
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4.4. Statistical Models for Live Load
4.4.1. Design Live Load

According to AASHTO LRFD (2020), the vehicular live load on bridge roadways or

incidental structures, known as HL-93, includes a combination of:
e A design truck or design tandem, and
e A design lane load.

The axle and wheel weights and spacings for the design truck should follow the
specifications in Figure 4-1. The design tandem includes two 25.0-kip axles spaced 4.0 feet apart,
with a transverse wheel spacing of 6.0 feet. The design lane load is a 0.64 kif load uniformly
distributed along the length and assumed to be uniformly distributed over a 10.0-foot width
transversely.

For bridge spans of 25 feet or more, the controlling load combination consists of the design
truck plus lane loading. To account for dynamic load allowance, /M, the static effects of the design

truck should be increased by 33% (AASHTO LRFD 2020).

8.0KIP 320 Kip 320 KIP

1 i |

| 140" 10 300"

T
=
S

6-0

Figure 4-1 Characteristics of the Design Truck (AASHTO LRFD 2020)
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4.4.2. Selection of Statistical Parameters

Previous studies have utilized available truck survey and traffic data to develop statistical
models for live load. Notably, Nowak (1999) focused on strength limit states, which aim to prevent
catastrophic failures that could result in significant damage or loss of life. A 75-year time frame is
considered to encompass the entire lifespan of a bridge, ensuring its ability to withstand rare,
extreme events (such as heavy traffic loads and natural disasters) that may occur during its service
life. Consequently, statistical parameters for the maximum 75-year live load were derived for a
range of span lengths up to 200 feet.

Live load effects are evaluated in terms of positive moments, negative moments (for
continuous spans), and shear forces. For a single lane, the bias factors for the maximum 75-year
live load effects are illustrated in Figure 4-2 for simple span moments, negative moments, and
shear. The analysis of two-lane (or multilane) loading considers the simultaneous presence and
distribution of truck loads to girders. For two-lane bridges, the bias factor for LRFD load per
girder, Ag, is shown in Figure 4-3. The coefficient of variation, COV, is 0.11 for spans over 30 feet
and 0.14 for a 10-foot span (Nowak 1999).

The serviceability limit states necessitated the development of additional statistical
parameters, encompassing not only maximum values but more frequencies of live load occurrence.
Therefore, these maximum values were required for shorter time periods, such as a day, week,
month, or year. Wassef et al. (2014) conducted a comprehensive study to derive statistical models
for live load. They had access to a substantial amount of weigh-in-motion (WIM) truck data from
two sources: NCHRP Project 12-76 (NCHRP Report 683) (Sivakumar, Ghosn, and Moses 2011)
and FHWA files. Their analysis included the WIM database from NCHRP 12-76 and FHWA,

comprising data from over 65 million vehicles. After filtering to remove errors, exclude skewed
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heavy vehicle data from New York, and omit incompatible data from Indiana, they obtained a

reliable dataset of approximately 35 million vehicles.
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Figure 4-2 Bias Factor for the Maximum 75 Year Live Load Effects per Lane, LRFD Code

(Nowak 1999)
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Figure 4-3 Bias Factor for the Maximum 75 Year Moment per Girder, LRFD Code

(Nowak 1999)
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The study analyzed data from 32 WIM stations, considering ADTT values of 500, 1000,
2500, 5000, and 10,000, and simple span lengths ranging from 30 to 300 feet. Live load effects
were evaluated in terms of moments and reactions. The researchers determined the mean
maximum load effects for various time periods, including 1 day, 2 weeks, 1 month, 2 months, 6
months, 1 year, 5 years, 50 years, 75 years, and 100 years. An example of the CDFs of mean
maximum moment ratios (truck moment/HL-93 moment) for ADTT = 1000 and a span length of
120 feet is illustrated in Figure 4-4.

The mean of the mean maximum values of the considered WIM stations was considered
the mean maximum national live load. The standard deviation of the mean maximum values was
derived from the graphs, specifically the slope of the cumulative distribution function (CDF). The
statistical parameters for maximum live load moments and reactions were calculated for all
considered time periods, encompassing the various ADTTs and span lengths.

The AASHTO LRFD Specifications are based on an ADTT of 5000, consistent with
strength limit states. Given that in the WIM database analyzed by Wassef et al. (2014), only 3 out
of 32 WIM sites had an ADTT exceeding 5000, and only 1 site had an ADTT exceeding 8000, an
ADTT of 5000 was used for the majority of the calibration in the Wassef et al. (2014) study and
for the entire calibration in the present study. The statistical parameters for live load moments and
reactions for an ADTT of 5000 are presented in Table 4-2 and Table 4-3.

The statistical parameters from Table 4-2 and Table 4-3 were utilized in the present study
as follows. The statistical parameters for live load moments (Table 4-2) were applied to the flexural
(service and strength) limit states, while the statistical parameters for live load reactions (Table

4-3) were applied to the web shear (service and strength) limit states. Additionally, since all the
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bridges in the representative bridge database have span lengths exceeding 90 feet, only the

statistical parameters for span lengths starting from 90 feet were used.
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Figure 4-4 CDF's of Mean Maximum Moment Ratios for ADTT

(Wassef et al. 2014)

As previously mentioned, the maximum effects of live load over a 75-year period should

be considered for strength limit states. Therefore, the statistical parameters corresponding to a 75-

75

year return period were applied to the flexural and shear strength limit states.



Table 4-2 Statistical Parameters of Live Load Moments for ADTT 5000 (Adapted from Wassef et al. 2014)

Span Length 30 ft 60 ft 90 ft 120 ft 200 ft 300 ft Note
A cov A cov A cov A cov A cov A cov

1 Day 0.85 ]0.18 ]0.82 |0.17 0.82 [0.17 0.82 ]0.17 0.75 10.17 0.67 |0.17 Used for arbitrary-point-in time live load
2 Weeks 098 |0.17 1.00 | 0.17 1.00 | 0.16 1.04 |0.13 096 |0.14 0.88 |0.14
1 Month 1.04 |0.15 1.03 ]0.18 1.12 | 0.11 1.11 | 0.09 099 [0.14 093 ]0.14
2 Months 1.07 |0.15 1.07 ]0.17 1.15 ]0.10 1.14 | 0.10 1.02 | 0.14 096 ]0.14
6 Months 111 |0.14 | 111 ]0.14 1.19 ]0.08 1.17 1 0.09 1.04 |0.15 1.00 | 0.15
1 Year 1.14 | 0.12 1.14 |0.14 1.21 | 0.09 1.19 |0.09 1.07 ] 0.15 1.02 |0.15 Used for maximum live load for service limit states
5 Years 1.16 |0.13 1.19 ]0.12 1.25 ]0.08 1.21 [0.11 1.10 | 0.15 1.05 |0.15
50 Years 1.21 |0.11 1.24 10.10 1.27 |]0.09 1.23 | 0.12 1.13 ] 0.15 1.06 | 0.15
75 Years 122 [ 0.11 1.25 | 0.10 1.29 10.08 1.25 [0.11 1.14 ] 0.15 1.07 ]0.15 Used for maximum live load for strength limit states
100 Years 1.23 |0.11 1.26 | 0.10 1.30 | 0.08 1.26 | 0.11 1.15 ] 0.15 1.08 |0.15

Table 4-3 Statistical Parameters of Live Load Reactions for ADTT 5000 (Adapted from Wassef et al. 2014)

Span Length 30 ft 60 ft 90 ft 120 ft 200 ft 300 ft Note
A cov A cov A cov A cov A cov A cov

1 Day 1.05 012 1094 ]0.11 096 (013 1094 |0.13 0.84 |0.14 0.74 ]0.14 Used for arbitrary-point-in time live load
2 Weeks 1.19 ]0.13 1.10 | 0.12 1.13 ]0.13 1.13 ] 0.13 1.03 | 0.15 093 10.15
1 Month 1.22 ]0.13 1.13 ] 0.12 1.16 |0.13 1.17 10.13 1.06 | 0.15 096 |0.15
2 Months 1.24 ]0.13 1.15 ]0.12 1.20 ]0.13 1.20 | 0.13 1.09 | 0.15 099 10.15
6 Months 1.27 10.13 1.18 ] 0.12 1.23 ]0.13 1.24 ]0.13 1.13 ] 0.15 1.03 |0.15
1 Year 1.28 ]0.13 1.20 |0.12 1.26 |0.13 1.27 10.13 1.15 ]0.15 1.06 | 0.15 Used for maximum live load for service limit states
5 Years 1.32 ]0.13 1.25 ]10.12 1.30 ]0.12 1.30 | 0.13 1.19 ] 0.15 1.09 |0.15
50 Years 1.36 | 0.13 1.29 10.12 1.35 10.12 1.35 ]0.13 1.23 ] 0.15 1.14 | 0.15
75 Years 1.37 10.12 1.30 [ 0.12 1.36 | 0.12 1.36 | 0.13 1.24 |0.15 1.15 | 0.15 Used for maximum live load for strength limit states
100 Years 1.38 | 0.12 1.31 ]0.12 1.37 10.12 1.37 10.13 1.25 | 0.15 1.15 | 0.15
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For the service limit states, a 1-year return period was utilized. This shorter time frame is
employed to evaluate the bridge’s performance under normal, everyday conditions, aiding in the
assessment of cracking issues that impact the bridge’s usability and comfort for daily traffic. By
focusing on a typical year, the bridge’s functionality and comfort for users can be ensured without
requiring excessive maintenance. This return period was also chosen because the live load statistics
in Wassef et al. (2014) were developed based on one year of reliable WIM data from various WIM
sites.

When multiple variable load components are considered in a load combination, and one
variable load component reaches an extreme value, the other variable load components are
assumed to act at their average (arbitrary-point-in-time) values. This principle is known as
Turkstra’s rule (Nowak and Collins 2013). Therefore, when the live load is included in a load
combination alongside other variable load components, and one of these components is at its
maximum value, the live load component, according to Turkstra’s rule, will be assumed to act at
its average (arbitrary-point-in-time) value. For these arbitrary-point-in-time values, the statistical

parameters with a return period of 1 day should be applied.

4.5. Statistical Models for Thermal Gradient

4.5.1. Background
Thermal gradient is a type of loading that requires thorough consideration. A thermal gradient
describes the temperature variation over the course of a day across the depth of a bridge’s
superstructure. This temperature difference can cause different parts of the bridge to expand or
contract at varying rates, leading to internal stresses. These stresses can impact the bridge’s

performance and durability, potentially causing issues like deck cracking, girder buckling, or
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abutment spalling. The thermal gradient is often nonlinear, meaning the temperature change is not
uniform across the depth of a bridge’s superstructure. Instead, the temperature may vary more near
the surface exposed to sunlight and less so deeper within the cross-section depth, creating complex
stress patterns as different layers of the bridge expand and contract at different rates.

The primary factors influencing thermal gradient include solar radiation, ambient
temperature variation, average wind speed, and blacktop thickness (Potgieter and Gamble 1983;
Elbadry and Ghali 1983; Roberts-Wollman, Breen, and Cawrse 2002), as well as the orientation of
the bridge to the sun (Priestley 1972). The climatic effects on thermal gradient are illustrated in
Figure 4-5 (Thompson et al. 1998). The positive thermal gradient occurs when the top surface of
the bridge is warmer than the reference point lower in the depth where the temperature remains
constant. This typically happens during the day when the sun heats the bridge deck, causing the
top to expand more than the lower depths, leading to upward bending, as discussed below.
Conversely, a negative thermal gradient occurs when the top surface is cooler than the reference
point, often at night when the bridge deck cools down faster than the lower depths. This results in
the top contracting more than the lower depths.

The thermal gradient in concrete bridge structures was investigated in New Zealand by
Priestley (1978). He explored the prediction of temperature by presenting the Fourier conductivity
equation, which governs the thermal response of an isotropic solid with a boundary in contact with
air, subjected to variations in ambient temperature and radiation. Priestley (1978) demonstrated
that for most bridge sections, transverse heat flow is insignificant, allowing the Fourier
conductivity equation to be simplified to a one-dimensional form. This equation can be solved
using a two-dimensional finite element representation of the bridge section or the finite difference

technique.
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Figure 4-5 Climatic effects on thermal gradients (Thompson et al. 1998)

Priestley (1978) also provided a detailed description of stress prediction for simply
supported and continuous segmental bridges. Figure 4-6 illustrates a typical schematic of the
vertical temperature gradient that occurs in a bridge cross section over the course of a day. This
temperature change induces strains. For completely unrestrained expansion at all heights, the free
strain profile would be as follows:

& = at(y) (4-7)

where a is the linear coefficient of thermal expansion.
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Figure 4-6 Vertical Distribution of Temperature Change and Longitudinal Thermal Strain
(Priestley 1978)

However, the Navier-Bernoulli hypothesis, which states that plane sections remain plane,
still applies in regions unaffected by geometric or loading discontinuities. Therefore, the final
strain profile ¢) (Figure 4-6) must be linear. The shaded area in Figure 4-6, representing the
difference between the unrestrained strain az;;) and the final strain g, suggests restraint stresses

equal to (Priestley 1978):
foy = E(e) — atgy) (4-8)

where E is the concrete modulus of elasticity.

For simply supported bridges, each span is assumed to be “cut” at each internal support,
allowing it to hog upwards under the thermal curvature, . However, for continuous bridges, the
hogging curvature is restrained by internal supports. The restraint moments at the supports are
illustrated in Figure 4-7 for a three-span bridge. These restraint moments, M, are applied to each
end of each span to eliminate incompatible rotations (Priestley 1978). For prismatic sections, the
restraint moments for each span are equal to:

M = —EIp (4-9)
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(Priestley 1978). The stresses induced by M’ will be

M'y

Joor =71

(4-10)), as shown in Figure 4-8 (Priestley 1978). Specifically,

M'y
f = foy + firy = E(e) — at)) +
+ =
SECTION "S5IMPLE” CONTIHLITY
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Figure 4-7 Continuity Moments from Thermal Loads (Priestley 1978)
The moments restrained at the ends can be released. Consequently, the final distributed

moments, denoted as M, will be as illustrated in Figure 4-7 and are roughly equal to M"=1.17 M

The total thermal stresses resulting from the vertical thermal gradient are a combination of

stresses caused by the gradient’s nonlinearity (Equation (4-8)) and continuity stresses (Equation

TOTAL

Figure 4-8 Vertical Thermal Stress Distribution, Continuous Bridge (Priestley 1978)



The total service load stress distribution at midspan, resulting from the typical combination
of prestress, dead load, live load, and temperature, is illustrated in Figure 4-9. The final stress
distribution might show excessive compression stress at the deck level or tension stress at the
soffit. The former is unlikely to cause issues, even if the compression stress significantly exceeds
the maximum codified value, because the large thermal component is strain-induced, and ultimate
compressive strains are much larger than design strain levels. However, excessive tension at the

bottom slab (soffit) could lead to cracking and subsequent serviceability problems (Priestley 1978).

compression

ternsion

SECTION DEAD *+
PRESTRESS

LI¥E THERMAL TLTAL

r

Figure 4-9 Service Load Stresses Including Thermal Stress (Priestley 1978)

The New Zealand design thermal gradient, depicted in Figure 4-10, consists of two parts:
a fifth power temperature decrease from a maximum temperature (which varies based on the
blacktop thickness) at the concrete deck surface to zero at a depth of 1200 mm (47.2 in.), and a
linear temperature increase over the bottom 200 mm (7.9 in.) of the section. The cracking induced
by thermal gradients reduces the flexural rigidity. Thermal forces at service loads are more
significant than their contribution to structural strength. (Priestley 1978).

The first design thermal gradient in the United States was developed in NCHRP Report
276 (Imbsen et al. 1985), as illustrated in Figure 4-11, and was first introduced in the design code
in AASHTO Guide Specifications (1989). The temperatures 77, 7>, and 73 vary across different
thermal zones in the US. Subsequently, Shushkewich (1998) provided a comparison of both
positive and negative design thermal gradients as outlined in AASHTO (1989; 1994; 1999), as
illustrated in Figure 4-12. The design positive vertical temperature gradient in concrete
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superstructures, as specified in the most recent AASHTO LRFD (2020) Specifications, is

illustrated in Figure 4-13.
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4.5.2. Thermal Gradient Data and Experiments

Given the challenges associated with thermal gradients and its effect on segmental bridges, as
discussed above, there have been efforts to collect thermal gradient data to better understand the
typical thermal gradient distribution and enhance the design gradient.

Initially, Potgieter and Gamble (1983) conducted field measurements on the Kishwaukee
River Bridge, a continuous five-span segmental box girder bridge with blacktop covering located
south of Rockford, Illinois. Data was collected on July 8th and 9th, 1982. The measured thermal
gradients were compared to calculated values, as illustrated in Figure 4-14 for the section, close to
midspan, and the temperature distribution along the depth is shown in Figure 4-15. The
investigation showed that the shape of the New Zealand gradient matched the measured thermal

gradients, but the top surface magnitude did not.
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Figure 4-14 Comparison of Measured and Calculated Temperature Variations

in center of Top and Bottom Flanges of Section (Potgieter and Gamble 1983)
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Cooke, Priestley, and Thurston (1984) conducted an experimental investigation involving
the thermal loading of T-beam and box-girder beam models at approximately one-sixth scale. The
authors compared experimental and theoretical deflections, as illustrated in Figure 4-16. Although
this study did not involve measuring temperatures in full-scale structures and was conducted on a
small scale, it provided valuable insights into the influence of thermal loading on deflections.

Shushkewich (1998) collected thermal gradient data for the North Halawa Valley Viaduct,
a cast-in-place concrete box girder bridge in Hawaii, over a period from late 1994 through 1998.
The thermocouple readings for the top of a midspan section in 1995 are shown in Figure 4-17, and
the temperature distribution across the section depth on July 1, 1995, when the maximum concrete
deck temperature occurred, is illustrated in Figure 4-18. Positive and negative thermal gradients
were found to align well with the AASHTO (1999) proposals.

Thompson et al. (1998) gathered thermal gradient data for the Ramp P structure, a curved

precast segmental concrete box girder bridge on US 183 in Austin, Texas, between November
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1996 and July 1997. The maximum measured positive and negative gradients, which occurred in
March of 1997, are shown in Figure 4-19. Thermal gradients were measured with and without a
50-mm (2-in.) blacktop covering. The measured gradients were generally lower than those
specified in AASHTO LRFD (1994). However, it was noted that additional data were required for

a robust statistical comparison.
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Figure 4-19 Measured Thermal Gradients for the Month of March 1997 (Thompson et al. 1998)
Roberts-Wollman, Breen, and Cawrse (2002) gathered thermal gradient data for the San
Antonio “Y” precast segmental concrete box girders in Texas from July 1992 through November
1994. The maximum daily positive temperature differences are illustrated in Figure 4-20 where
they are compared with the design gradient magnitudes (AASHTO 1994; 1999), and the maximum
recorded positive temperature gradients across the section depth are shown in Figure 4-21. The
authors concluded that typical positive gradients could be approximated using a fifth-order curve,
similar to the one presented by Priestley (1978). They also mentioned that the positive and negative

design gradients in AASHTO LRFD (1994) were conservative.
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Hedegaard, French, and Shield (2013) collected thermal gradient data for the I-35W St.
Anthony Falls Bridge, a posttensioned concrete box girder structure in Minneapolis, Minnesota,
over the course of 3 years from September 1, 2008, to October 26, 2011. The measured positive
and negative gradient magnitudes are illustrated in Figure 4-22, where they are compared with the
design magnitudes at the depth of the thermistors. The considered design thermal gradients are the
AASHTO LRFD (2010) gradient in Zone 2 (top surface gradient temperature equal to 25.6°C
(46°F)) and the Priestley fifth-order gradient (Priestley 1978), scaled to the same top surface
gradient temperature (Priestley-Z2). Since top surface temperature measurements could not be
taken, comparisons between measured and design gradient magnitudes had to use the design

gradient value at a depth of 50 mm (2 in.) below the deck’s top surface, where the topmost

thermistor was positioned.
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Figure 4-23 shows the five highest measured positive gradients compared to the two
previously mentioned designed gradients. The thermal gradient shapes through the section depth
closely resembled the fifth-order curve from the New Zealand Code (Priestley 1978). The highest
measured top surface gradient temperatures aligned best with the top surface temperature specified

in AASHTO LRFD (2010) for solar radiation Zone 2 (Hedegaard, French, and Shield 2013).

91



25

20 {7 D ARSHTORFD (B010) LT

10 A

Positive Gradient Magnitude (°C)

0 L hux.‘;x.u.u.\hwm._m e et n bl bt ens IO Ll .

= }.‘N.ul,
[s¢] o0 [®)] fea] (=] [@))] (w] o o (e} i — — —
AL - <~ = A B LR B o S L . S T
—_— ) [ — — ] [ud — — 4= ¢ — T -
= O (o} =] [®] o p=] [&) (o} 3 [
- 0 8 4 T 0 8 « T 0o 8 « — 0O
25

o (b)

v 4

& 20 ‘

2 Priestley-Z2

c

8 15 - AASHTO LRFD (2010)

-

€

9 10 -

T

o~

% 5 -1l "I‘,l.l

2 TR |

e

5 | |

O 0 - u... i T T K o e s k. Fe =

= X W O 0 O 0 O O O w o o o
S @ Q@ 9 2 @ F5 9 S S5 = w1 975
P 5] a =} O a e 5] o 3 5]
- 0 82 g -~ 0o 8 g - 0o | « ~ O

Figure 4-22 Measured (a) Positive and (b) Negative Gradient Magnitudes: Design Gradient
Magnitudes Considered at a Depth of 50 mm (2 in.) below the Deck
Surface for Comparison against Measured Gradients

(Hedegaard, French, and Shield 2013)

92



0 0 ; ; — -
=7 s R B ocARR
o | e | B (b)
T = 500 { . 1
100 - P A
T r : T N -
/ - Ty 1000
~ 150 T ‘ . / =
£ lr -3 . £ 1
E l/ P , 7 £ 1500
= 200 3 P
= M o / O 5/16/2010 2 5l
3 / / / A 6/17/2010 = [ O 5/16/2010
© 250 ;s e 6/17/2010
;7 / X 6/6/2011 & 6717/
/ / s o 6/7/2011 2500 1 X 6/6/2011
o0 S o 7/1/2011 1 o 6/7/2011
/ o 7/1/2011
- ——— AASHTO LRFD 1 ]
350 1/ // — priestleyz2 T 3000 ———- AASHTOLRFD T
/ / — - — Priestley Linear h — — Priestley-22
400 + + - t } + 3500 + - : } } '
0 5 10 15 20 25 30 0] 5 10 15 20 25 30
Temperature (°C) Temperature (°C)

Figure 4-23 Maximum Measured Positive Gradients at Midspan Location Compared with
Design Gradients through (a) Centerline of Exterior Box, Top Flange Only, and

(b) along Centerline of West Web of Exterior Box (Hedegaard, French, and Shield 2013)
The highest measured positive thermal gradients caused greater experimentally derived
longitudinal stresses than those observed during truck load testing (Hedegaard et al. 2013). Placing
eight trucks with a total weight of 1,770 kN (398 kips) at the midspan of the internal span resulted
in an experimentally derived longitudinal stress of 1.8 MPa (260 psi) in the bottom flange. This
stress level was surpassed for all the maximum positive gradients considered, with experimentally
derived longitudinal stresses in the bottom flange ranging from 3.1 MPa (450 psi) to 4.7 MPa (680
psi) (Hedegaard, French, and Shield 2013). This highlights the critical need to properly account

for thermal gradients.

As shown in Figure 4-22, the highest thermal gradient values occur during the summer
period. The peak daily positive gradients consistently occurred between 2:00 and 4:00 p.m. Central
Standard Time (CST) (Hedegaard, French, and Shield 2013). This is because the significant factors

influencing thermal gradients, such as solar radiation and ambient temperature variation (as
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discussed before), are most pronounced during the summer period and the specified afternoon
hours.

The consistent occurrence of the highest daily positive gradients between 2:00 and 4:00
p.m. CST suggests a possible correlation between live load during rush hour and maximum thermal
gradient effects (Hedegaard, French, and Shield 2013). However, it is recommended to investigate
this correlation further to determine if the current load factors for the combination of live load and
thermal gradient (y.2 LL + 0.57G and 1.07G + 0LL) are adequate and, if necessary, perform the
calibration to refine them.

Maguire, Roberts-Wollmann, and Cousins (2018) measured thermal gradients on the
Varina-Enon Bridge, which carries Interstate 295 over the James River near Richmond, Virginia,
from August 2012 to January 2014. The bridge features separate northbound and southbound
structures with continuous segmental box-girder approaches and a cable-stayed main span. Figure
4-24 shows the measured temperature gradient near the midspan, which had the expected shape

but was less severe than AASHTO LRFD (2010) design positive thermal gradient.

94



AT (deg. C)
0 5 10 15 20 25

Pl

0

_..
=
S
S

e

—_
w
o
o

® Measured Values
= = AASHTO LRFD Gradient

N
o
o
o

Depth from Top of Box (mm)
&
o
o

|
|
|
|
o Original Design Gradient
|
|
|
|

Figure 4-24 Measured Thermal Gradient on the Varina-Enon Bridge

(Maguire, Roberts-Wollmann, and Cousins 2018)

4.5.3. Derivation of Statistical Parameters for Thermal Gradient

The derivation of the statistical parameters for the present study was based on the data from
Hedegaard, French, and Shield (2013), as their published work provided the comprehensive range
of measured positive thermal gradients over the entire measurement period from September 2008
through October 2011 (Figure 4-22a).

As shown of Figure 4-22a, the AASHTO LRFD design thermal gradient value at the top
measured location is 16.2°C. This value was used as a nominal value for the derivation.

To derive the statistical parameters, the data from Figure 4-22a was read to capture the
maximum and minimum thermal gradient values for each month from September 2008 through

October 2011, totaling 38 months.
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The statistical parameters were derived for the entire dataset of data (arbitrary-point-in-
time) and for the maximum data within a 1-year period. The specifics of these statistical
considerations were discussed in Section 4.4.2. The 1-year maximum period was selected to align
with the same maximum period considered for the live load at service limit states, where the
thermal gradient is a significant load component and should be considered.

To derive the 1-year maximum statistical parameters, the highest thermal gradient values
from 2008 to 2011 were utilized. As previously mentioned, these maximum values typically occur
during the summer period; therefore, the four maximum values specifically occurred in September
2008, June 2009, May 2010, and June 2011, and they are 17.3°C, 18.1°C, 19.8°C, and 20.3°C,
respectively. The average of these values was calculated to be

UTGmax = 18.9°C

The standard deviation was calculated to be

01G,max = 1.2°C

Applying Equation (3-7), the bias factor and coefficient of variation were determined as

follows:

_ HT1G,max _ 18.9°C

/1TG,max - TG - 16.2°C = 1.15

UTG,max _ 1.20C
HTG,max 18.9°C

COVTG,max S = 006

These statistical parameters are to be used when a load combination with maximum thermal
gradient (7G) and average live load (LL) is applied in accordance with Turkstra’s Rule (Section
4.4.2).

To derive the arbitrary-point-in-time statistical parameters, the average values for each

month in the dataset were first estimated by calculating the mean of the maximum and minimum
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values for each month. Subsequently, an average value from all the 38 data points was calculated
to be
UrGarb = 9.5°C
The standard deviation was calculated to be
o1G,arb = 3.3°C
Applying Equation (3-7), the bias factor and coefficient of variation were determined as

follows:

.uTG,arb 9.5°C
Arears =6 = Tg2°¢

UTG,arb _ 3.30(: _
HTG,arb 9.5°C

COVTG,arb =

These statistical parameters are to be used when a load combination with average thermal
gradient (7G) and maximum live load (LL) is applied in accordance with Turkstra’s Rule.

Both sets of calculated statistical parameters are logical. The average of the 1-year
maximum values is expected to be higher than the average of all data points, as the former
represents the peak values. The four maximum thermal gradient values occurring during the
summer period exhibit low variation, resulting in a smaller variation compared to the entire dataset.
Consequently, the variation within the entire dataset is significantly larger than that of the few

considered 1-year maximum values.
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4.5.4. Summary

Table 4-4 contains all the statistical parameters for loads used in the present study.

Table 4-4 Statistical Parameters for Loads

Load Component A COV  Source/Reasoning

DC (CIP) 1.05 0.10

DC (Precast) 1.03 0.08 Nowak (1999)

DW 1.00 (3.5 in./3.5 in.) 0.25

i Nowak (1984

CR, SH, TU 1.00 0.15  Grouniand Nowak (1984),
engineering judgment

PS. PS.. 125 0.05 Grouni and Nowak (1984), modified
based on the present study

TG (arbitrary-point-in-

time() P 0.55 0.35  Derived in present study based on
data fi Hed d et al. 2013

TG (1-year maximum) 1.15 00¢ daafrom (Hedegaard eta )
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5. DEVELOPMENT OF STATISTICAL MODELS FOR RESISTANCE

As mentioned in Section 2.1.2, different parameters represent resistance in service and strength
limit states. For service limit states, these parameters are allowable flexural and shear stresses,
while for strength limit states, they are the bending moment and shear force capacities. Allowable
stresses are more straightforward to incorporate into the reliability analysis than moment and shear
capacities, as the former involve only one parameter, whereas the latter require comprehensive
procedures involving multiple parameters representing material and fabrication factors, as well as
a professional factor, as described in Section 3.3. The selection and development of statistical
models for the various parameters involved in resistance for the considered service and strength
limit states, and their integration using Monte Carlo simulation for strength limit states, are further

detailed in the following sections of this chapter.

S5.1.  Service Limit States
5.1.1. Service Flexure Limit State

In Section 1.1, two main types of joints between segments are identified: Type A, which uses
epoxy, and Type B, which are dry joints without epoxy (Corven Engineering 2004). All the bridges
in the representative bridge database have Type A joints that use epoxy. As mentioned in Section
4.3, the stress limit for Type A joints without the minimum bonded auxiliary longitudinal
reinforcement through the jointsis zero tension (fz = 0). Similarly, according to AASHTO LRFD
(2020) Table 5.9.2.3.2b-1, which lists tensile stress limits in prestressed concrete at the service
limit state after losses (Table 1-2), the limit for longitudinal stresses through joints in the
precompressed tensile zone without the minimum bonded auxiliary reinforcement is also zero

tension. This modifies Equation (2-1) as follows:
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0— (foc + fow + fes + fersu + fru + fre + 1) =0 (5-1)

The allowable normal flexural stress of fr = 0 determines the point of decompression,
which is transition from compression to tension at an extreme fiber, with no variation in this

transition. Consequently, the parameter fz = 0 is deterministic, with x =0 and o = 0.

5.1.2. Service Principal Tension Limit State

AASHTO LRFD (2020) Article 5.9.2.3.3 specifies the allowable principal tensile stress as fpr g =

0.110\/ﬁ ksi. This stress is related to cracking stress, which exhibits variation, unlike
decompression stress. Therefore, the statistical parameters of cracking stress should be utilized.
Nowak and Grouni (1983) and Grouni and Nowak (1984) in their studies related to the calibration
of the Ontario Bridge Design Code specify the mean cracking stress for prestressed concrete as u
=700 psi (0.7 ksi or 4.83 MPa), using high-strength concrete, and the coefficient of variation COV’
= 20% (0.20). The principal tensile stress limit is significantly lower than the uniaxial cracking
stress due to the biaxial tension-compression state. Studies by Belarbi (1991) and Yu et al. (2019)
(Figure 5-1 and Figure 5-2) indicate that the measured tensile cracking stress (with compressive
stress in the perpendicular direction) is approximately 3.75\/E psi (0.1185\/E ksi), which was
used as the mean value, u, for the allowable principal tensile stress for the present study. Thus, the
bias factor is 1 = 3.75,/f/ psi/ 3.5\/f/ psi = 1.07, and the coefficient of variation was used as

CoV=0.20.
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5.2.  Strength Limit States
5.2.1. Flexural Strength Limit State

The nominal bending moment capacity (M,) is a complex parameter determined by following the
procedure outlined in Section 3.3.1. To develop statistical models for the nominal moment
capacity, a procedure such as a Monte Carlo simulation, described in Section 3.3.3, is required.
This simulation involves randomly generating values for each variable necessary to determine the
flexural strength. Consequently, the statistical parameters for each variable must be established.

The material factor, M, is a statistical distribution that represents the uncertainty in material
properties, specifically strength-related characteristics such as:

e fu = specified tensile strength of prestressing steel

e f'. =specified concrete compressive strength.

The fabrication factor represents geometric and dimensional uncertainties in the fabrication
of structures (Nowak and Collins 2013). The variables involved in the procedure to determine M,
representing the fabrication factor, F, are:

e A, = area of prestressing steel

e b =width of the compression face of the member

e d, =distance from extreme compression fiber to the centroid of prestressing tendons

Additionally, a professional factor, P, is involved in the Monte Carlo simulation procedure.
The professional factor, P, is a random variable that represents the uncertainty in the analytical
model used to predict strength. P is defined as the ratio of the test-determined capacity (which
reflects actual in-situ performance) to the analytically predicted capacity (based on the
mathematical model used in design) using measured material properties and dimensions rather

than nominal values.
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The following subsections detail the selection of statistical models for the aforementioned
parameters, as available in the literature, and the development of updated statistical parameters for

the fabrication factor.

5.2.1.1. Statistical Models Available in the Literature
Past statistical analyses of materials for reinforced concrete construction were based on the
relevant datasets available at the time.
Ellingwood et al. (1980) utilized the dataset of material and geometric properties for steel
reinforcing bars and prestressing strands that were available in the 1970s. The fabrication factors
adapted from this study are summarized in Table 5-1.

Table 5-1 Fabrication Factors (Adapted from Ellingwood et al. (1980))

Fabrication Factor Air COVF
bw 1.01 0.04
d (for beams) 0.99 0.04
d (for slabs) 0.92 0.12

As 1.00 0.015
Ay 1.00 0.015
s 1.00 0.04

In 2005, Nowak et al. (2005) conducted a reliability-based calibration of the ACI 318
Building Design Code strength reduction (resistance) factors, aligning them with the load and load
combination factors specified by the ASCE 7 Standard (ASCE/SEI 7 2002). This study was
sponsored by the Portland Cement Association (PCA) and co-sponsored by the Precast/Prestressed
Concrete Institute (PCI). The research involved developing extensive sets of statistical parameters
based on material test data for concrete, reinforcing steel, and prestressing steel, provided by the

industry through the National Ready Mixed Concrete Association (NRMCA) between 2001 and

103



2004. Most of the data available at that time were representative of cast-in-place (CIP) concrete
construction. The parameters Ar and COVr denote the fabrication factor representing the
uncertainty in dimensions and location of reinforcing bars and prestressing strands in a section.

Nowak et al. (2005) determined test results for 28-day compressive strength using standard
6 in. x 12 in. cylinders, analyzed for the following types of concrete:

e Cast-in-place ready mixed concrete with specified strengths ranging from 3,000 to 6,500
psi (11,098 samples),

e Plant-cast concrete with specified strengths ranging from 5,000 to 6,500 psi (1,174
samples),

e Plant-cast concrete with specified strengths ranging from 7,000 to 12,000 psi (2,052
samples), and

e Lightweight concrete with specified strengths ranging from 3,000 to 5,000 psi (550
samples).

The resulting statistical parameters for all concrete compressive strengths recommended
by Nowak et al. (2005) are shown in Table 5-2. It is important to note that the results in Table 5-2
represent the average for all types of concrete and concrete production operations considered in
that study. The parameters Ay and COVy denote the material factor representing the uncertainty
in the compressive strength of concrete.

The available data for prestressing steel came from test data on the breaking strength of
prestressing strands, provided by the industry in a study sponsored by the Portland Cement
Association (PCA) and co-sponsored by the Precast/Prestressed Concrete Institute (PCI), as
reported by Nowak et al. (2005). For strands with a specified breaking strength of 270 ksi (47,668

samples), the included strand sizes (nominal diameter) were: 3/8 in. (54 samples), 7/16 in. (16
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samples), 1/2 in. (33,570 samples), and 0.6 in. (14,028 samples). The recommended statistical
parameters for the breaking strength of Grade 270 prestressing strands, according to Nowak et al.
(2005) are A=1.03 and COV' =0.015.

The professional factor, P, used in previous reliability-based calibrations and related
research has largely been based on the work of MacGregor, Mirza, and Ellingwood (1983) and
Ellingwood et al. (1980), which primarily focused on cast-in-place concrete members. A study by
Mirza, Kikuchi, and MacGregor (1980) on prestressed concrete beams has also been used as a
reference for defining P in subsequent reliability research efforts.

Table 5-2 Statistical Parameters for Compressive Strength (Including Both Cast-in-Place and

Plant-Cast Concrete) from Nowak et al. (2005)

L. s Jy  COVy

3,000 1.31 0.170
3,500 1.27 0.160
4,000 1.24 0.150
4,500 1.21 0.140
5,000 1.19 0.135
5,500 1.17 0.130
6,000 1.15 0.125
6,500 1.14 0.120
7,000 1.13 0.115
8,000 1.11 0.110
9,000 1.10 0.110
10,000 1.09 0.110
12,000 1.08 0.110

Mirza, Kikuchi, and MacGregor (1980) conducted a study on the flexural strength of

bonded strands in prestressed concrete beams with the goal of suggesting resistance factors. As
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part of this study, several relevant statistical parameters were analyzed, including the professional
factor. Mirza, Kikuchi, and MacGregor (1980) selected 33 simply supported, prestressed concrete
beams with concrete compressive strengths ranging from 2,500 to 8,500 psi from previously
reported studies. These beams had either rectangular or I-shaped cross sections. All prestressed
reinforcement was bonded, and most of the beams were post-tensioned. The beams failed in
flexure after the prestressed reinforcement yielded.

The ultimate flexural strength predicted by strain compatibility analysis was compared with
test results. The ratios of test to theoretically calculated strength ranged from 0.93 to 1.17, with an
average value of 1.01 and a coefficient of variation of 0.054. After accounting for variability due
to testing errors and the material and geometric properties affecting ultimate flexural strength, the
coefficient of variation for P was estimated to be COVp = 0.035. Mirza, Kikuchi, and MacGregor
(1980) chose to use a normal distribution with Ap = 1.0 and COVp = 0.035 for the professional
factor.

Ellingwood et al. (1980), referencing a preprint by Mirza, Kikuchi, and MacGregor (1980),
used a normal distribution with Ap = 1.01 and COVp = 0.046 for the professional factor in all
calculations involving the variability of the flexural strength of beams, combined axial load, and
moment capacity of columns, including precast, prestressed components.

Nowak (1999), who conducted a reliability-based calibration for the AASHTO LRFD
involving the analysis of prestressed concrete bridge girders, specified the statistical parameters
for the professional factor for these structures as Ap = 1.01 and COVp = 0.06. Rakoczy and Nowak
(2013) performed a sensitivity analysis focused on the reliability of prestressed concrete girder
bridges. They assumed, as supported by previous studies, that the professional factor followed a

normal distribution with a bias factor of Ap = 1.01 and coefficient of variation of COVp = 0.06.
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5.2.1.2. Updated Statistical Models for the Fabrication Factor
As noted earlier, the statistical data for geometrical uncertainty, which has been used in previous
calibrations, is as detailed in Table 5-1 and reflects the characteristics of cast-in-place concrete
construction.

There are several advantageous factors associated with the fabrication of precast,
prestressed concrete bridge components, including segments in segmental bridges, that reflect the
improved control of dimensions and reinforcement location for this type of construction and thus
contribute to the enhancement of the fabrication statistical parameters compared to cast-in-place
concrete construction. In particular, the uncertainty in the cross-sectional properties of structural
elements is closely linked to the tolerances maintained during concrete production and
construction. The key tolerance categories affecting the fabrication factor include the tolerances
of placement of prestressed reinforcement and the tolerances in cross-sectional dimensions.

In another research study (Popok et al. 2021), a comparative analysis of tolerances between
cast-in-place, nonprestressed and precast, prestressed building components, such as double-tee
beams and hollow-core slabs, was conducted. Table 5-3 shows the comparative ratios of
dimensional tolerances for width (b), depth (%), and reinforcement position between cast-in-place
and precast concrete components.

In all instances, the ratio is less than or equal to 1.0, indicating that the tolerances for
precast, prestressed concrete products are equal to or tighter than those for cast-in-place concrete
members. Specifically, tolerances for reinforcement placement are more stringent for components
with an overall depth greater than 8 inches. Consequently, the dimensions of precast, prestressed
concrete structural components are anticipated to exhibit less dimensional variation (relative to the

specified values) compared to cast-in-place concrete construction. Therefore, the coefficients of
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variation for width (&), depth (%), and reinforcement position (d) are expected to be lower than
those reported for cast-in-place concrete construction. These considerations are fully applicable to
precast, prestressed segmental bridge structures as well.

Table 5-3 Ratios between Dimensional Tolerances—Precast, Prestressed to Cast-In-Place,

Nonprestressed Concrete Components (Popok et al. 2021)

Parameter Ratio of Tolerances (Precast/CIP)
Double-Tee Beam Hollow-Core Slab

Positive Negative Positive Negative
Width (b) > 36 in. 1/41 1/31 NA? NA?

Depth (h) 1/2 2/3 NA3 1

Reinforcement (vertical) position

h<8in. NA* NA* 1 1
8<h<12in. NA* NA* 2/3 2/3
h>12 in. 1/2 1/2 1/2 1/2

! There are no double-tee beams with b < 36 in.

2 There is no width tolerance for cast-in-place concrete slabs.

3 There is no positive thickness tolerance for cast-in-place concrete slabs.
“ There are no double-tee beams in this size category.

The bias factor for d of Ar = 0.99 for beams, as shown in Table 5-1, is typical for cast-in-
place construction. This value is derived from negative-moment-critical sections of structural
members, where top bars might be displaced due to workers walking over the reinforcement mat
during concrete placement. In contrast, precast, prestressed plants use heavy-duty steel forms
continuously supported on casting beds, with strand locations precisely secured by casting bed
hardware, end abutments, and the significant tension force in the strand itself. These factors
contribute to better control of cross-sectional dimensions and the placement of both nonprestressed
and prestressed flexural reinforcement compared to cast-in-place concrete construction.

Additionally, reinforcement is better protected during concrete placement in precast plants,
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eliminating concerns such as workers walking on the reinforcement. Therefore, it is reasonable to
assume that the bias factor for d in precast, prestressed concrete members is very close to Ar = 1.0.

Flexural strength is highly sensitive to d. The coefficient of variation (COV) for d of 0.04
for beams, as reported in Table 5-1 is typical for cast-in-place concrete construction. However, the
COV for d in precast, prestressed members is likely much smaller due to two main reasons: (a)
workers do not walk on the placed reinforcement, and (b) the stricter tolerances permitted in plant-
cast production.

Consequently, it is anticipated that the statistical parameters for the fabrication factor of
precast, prestressed concrete structural components, including segmental bridge structures, will
demonstrate better control over cross-sectional dimensions and reinforcement placement
compared to those used in reliability-based code calibrations for cast-in-place concrete. This
results in a bias factor closer to 1.0 and a lower coefficient of variation. Therefore, this study
assumes a coefficient of variation COVr of 0.02, corresponding to the tolerances for strand
positioning in fully precast, prestressed components. For factory-topped components, d), is mainly
influenced by the strand position since the overall depth is tightly controlled. Thus, a COVr of 0.02
is deemed appropriate for the segmental bridge components, considered in this study. This choice
aligns with the presented tolerance ratios and mirrors a similar decision by Mirza, Kikuchi, and
MacGregor (1980), who “arbitrarily” selected a standard deviation for the depth of prestressing
steel to be half that of nonprestressed reinforcing steel.

The same advantages of precast, prestressed concrete construction—such as the absence of
worker interference and stricter tolerances in plant-cast production—apply to the coefficient of

variation of the component width, 5. Therefore, this study assumes the coefficient of variation for
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precast, prestressed segmental bridge construction to be half that of cast-in-place construction,

with a COVF of 0.02.

5.2.1.3. Summary
Considering the parameters previously available in the literature, along with the fabrication
statistical parameters refined in this study as previously described, all the statistical parameters
used in the Monte Carlo simulation procedure to derive the statistical models for the nominal
flexural capacity, M,, are presented in Table 5-4. The variables are also categorized in the table
based on whether they represent a material, fabrication, or professional factor.

Table 5-4 Statistical Parameters Used to Derive the Statistical Models for the Nominal Flexural

Capacity, M,

Variable Factor Type 1 COV Source/Reasoning

u 1.03 0.015
J% , . M Nowak et al. (2005)
fc(forfc:7k51) 1.13 0.115
Aps 1.00 0.015 Ellingwood et al. (1980)
b F 1.00  0.02
d, 100 0.02 Ellingwood et al. (1980), Popok et al. (2021)
P P 1.01  0.06 Nowak (1999), Rakoczy and Nowak (2013)

5.2.2. Shear Strength Limit State
Similar to the nominal flexural strength, the nominal shear strength (V) is also a complex
parameter determined by following the procedure outlined in Section 3.3.2. To develop statistical
models for the nominal shear strength, a Monte Carlo simulation is required. Consequently, the
statistical parameters for each variable, for which values need to be randomly generated, must be

established.
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The parameters involved in determining the nominal shear strength procedure, which

represent the material factor, M, are:

e f,c = unfactored compressive stress in concrete after prestress losses have occurred
either at the centroid of the cross section resisting transient loads or at the junction of
the web and flange where the centroid lies in the flange

e f'. =specified concrete compressive strength

e f, =yield strength of the nonprestressed (transverse) reinforcement

The parameters representing the fabrication factor, F, are:

e A, = area of transverse reinforcement within a distance s

e s = spacing of transverse reinforcement measured in a direction parallel to the

longitudinal reinforcement

b = width of the compression face of the member

e d, =distance from extreme compression fiber to the centroid of prestressing tendons

Additionally, a professional factor, P, is incorporated into the Monte Carlo simulation
process.

The following subsections describe the selection of statistical models for the parameters
mentioned earlier, based on available literature, and the development of updated statistical
parameters for the yield strength f, of the reinforcing bars used for transverse reinforcement in the

representative segmental bridges.
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5.2.2.1. Statistical Models Available in the Literature
The statistical parameters representing the material factor have previously been addressed, except
for the yield strength f, of the reinforcing bars, which will be discussed further.

Regarding the unfactored compressive stress in concrete after prestress losses at the
centroid of the cross section resisting transient loads, f,., the primary source of this compressive
stress is assumed to be the compression due to the prestressing force. The development of the
statistical models for the prestressing effect was discussed in Section 4.3.

The considered fabrication statistical parameters are based on the study by Ellingwood et
al. (1980). The parameters specified in this study are provided in Table 5-1. The statistical
parameters for the width of the compression face of the member, b, and the distance from the
extreme compression fiber to the centroid of prestressing tendons, dp, have been updated as
described in Section 5.2.1.2.

For the professional factor, P, Nowak (1999) specified the statistical parameters for the
shear capacity of prestressed concrete bridge girders as Ap = 1.075 and COVp = 0.10. These
statistical models, however, employed a different method to determine shear strength than the one
used in this study.

As mentioned in Section 3.3.2, the alternative shear design procedure for segmental bridges
(AASHTO LRFD 2020 Article 5.12.5.3.8c¢) is utilized in the present study. This procedure aligns
with the method for determining shear strength for prestressed concrete members in ACI 318-19
(2019). Ju et al. (2023) compared the shear strength of test specimens with the shear strengths
calculated using this detailed ACI 318-19 (2019) method (Figure 5-3). The figure indicates that
the average Vies/Veaic, which is the bias factor, Ap, 1s 1.36, and COVp = 22.4% (0.224). These

parameters are used in the present study.
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Figure 5-3 Comparison of the Shear Strength of Test Specimens with Shear Reinforcement with

the Shear Strengths Calculated Using the ACI 318-19 (2019) Detailed Method (Ju et al. 2023)

5.2.2.2. Updated Statistical Parameters for Yield Strength (f,) of Reinforcing Bars

The updated statistical parameters for the yield strength of reinforcing bars have been
derived in the present study for the bar sizes No. 3 through No. 14, for steel grades 40, 75, 60, 80,
and 100, and for the American Society for Testing and Materials ASTM A615 and ASTM A706
specifications, using the mill database provided by the Concrete Reinforcing Steel Institute (CRSI
2019), which contains data from 2009 through 2019.

The available bias factors derived in previous research are greater than 1.0, and their
decrease (becoming closer to 1.0) is expected from the manufacturer's point of view (continuous
improvement of their manufacturing process). However, from the structural reliability point of
view, the decrease is undesirable as the yield strength of the steel is a part of structural resistance.
It may significantly affect the limit states sensitive to steel yield strength. For the coefficients of
variation, their decrease is both expected from the manufacturer's point of view and desirable from

the structural reliability point of view.
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ASTM A706 is a specification preferred in seismic-prone areas. Therefore, the statistical
parameters for this specification are expected to be improved compared to the standard
specification ASTM A615.

The statistical models for the yield strength of steel reinforcing bars have previously been
derived and presented at different times. Ellingwood et al. (1980), Nowak and Szerszen (2003),
Nowak et al. (2005), and Nowak, Rakoczy, and Szeliga (2012) presented the results in the form of
bias factors, A, and coefficients of variation, COV, for the different bar sizes for Grade 60 steel.
Mander and Matamoros (2019) presented the statistical models in the form of mean values, u,
standard deviations, o, and coefficients of variation, COV, for various bar sizes (ASTM A615
specification and Grade 60 steel), and mean values, x4, and coefficients of variation, COV, for
various steel grades (ASTM A615 and ASTM A706 specifications). Mander and Matamoros
(2019) also compared the mean values of the yield strength with the steel dataset available from
1997.

The CRSI Mill Database considered in this study includes more than 950,000 test results
for steel bars fabricated according to different specifications, for various grades, bar sizes, and
from different mills across the U.S.

Specifically, the database contains the following important variables and their
categories/ranges:

e Mill: 33 mills across the U.S.

e Rolling date: 2009 to 2019

e Bar size: from No. 3 to No. 18

o Specification: ASTM A615, ASTM A706, dual A615/A706, and ASTM A1035

e Grade: 40, 60, 75, 80, and 100
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e Measured yield strength: range from 40,000 psi to 100,000 psi for the majority of data
e Method to determine yield strength: 0.0035 EUL (extension under load), 0.2% offset,
actual curve, and not indicated

e Tensile (ultimate) strength: range from 52,000 psi to 130,000 psi for the majority of data

e Elongation at fracture: range from 1.6% to 36%

e Bar types: different types of straight and coiled

Figure B-1 through Figure B-5 in Appendix B show histograms of the most important
variables considered in this research. In Figure B-1 and Figure B-2, the x-axis represents the yield
and tensile strength values intervals, respectively. In Figure B-3 through Figure B-5, the x-axis
represents the categories of bar sizes, specifications, and steel grades, respectively. The y-axis in
Figure B-1 through Figure B-5 describes the number of times the values occurred within the
intervals or categories.

The data distributions shown above indicate that the prevailing reinforcing bar categories
are as follows:

. yield strength of 62—74 ksi;

. tensile strength of 98—110 ksi;

. bar sizes No. 4, 5, and 6;

. specification ASTM A615;

. Grade 60 steel.

The preliminary exploratory analysis of the data indicated outliers in the yield strength
values for Grade 60 bar tests for multiple bar sizes from the mill labeled Mill 304 in 2010. A
possible reason for this is mistakenly mislabeling the records for Grade 40 steel as Grade 60 steel.

Conversely, outliers were found in the yield strength values for Grade 40 that possibly were for
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Grade 60 steel. Also, an overstrength data issue occurred in several mills for two years: 2010 and
2011. This was assumed to be a result of poor data validation processes during that period.
Therefore, the data for 2009-2011 were considered unreliable, and only the range of 2012-2019
was considered for further analysis. The results of this preliminary exploratory analysis were taken
into account in the present research; thus, the final sample size is 801,007 test results.

To perform the derivation, the data were first grouped by the variables relevant for the
analysis. Thus, the obtained statistical parameters may be reasonably compared within the time
range covered by the new dataset and corresponding previously available statistical parameters.
Hence, in total, the number of sets of statistical parameters (bias factors, A, and coefficients of
variation, COV’) for the yield strength of steel were determined for eight years (2012—2019) within
each bar size (No. 3 to No. 14) for five steel grades (Grade 40, Grade 60, Grade 75, Grade 80,
Grade 100) and two ASTM specifications (A615 and A706).

The obtained test data were plotted on the normal probability paper. Normal probability
paper is designed to make a normally distributed variable's cumulative distribution function (CDF)
appear as a straight line (Nowak and Collins 2013). It allows for an objective evaluation of the
most important statistical parameters and type of distribution function. The horizontal axis
represents the considered variable (in this research, steel yield strength). The vertical axis is the
inverse normal probability scale, representing the distance from the mean value in terms of
standard deviations. The vertical coordinate of CDF corresponds to a certain probability of
exceeding the specific value.

The procedure to plot data on the normal probability paper is as follows (Nowak and
Collins 2013):

1. Arrange the simulated values of Y in increasing order;
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2. Associate with each value a cumulative probability, p;, equal to:

_ b (5-2)
N+ 1

pi
3. For each p;, determine the standard normal variable, z, which is the inverse of a cumulative
probability: z; = @ (py).
4. Plot the coordinates of the values vs. corresponding z;.
An example of the CDF plotted for each considered group to derive a single set of statistical
parameters (bias factors, A, and coefficients of variation, COV) is shown on the instance of the

ASTM A615 Grade 60 Bar Size No. 3 (the year 2012) group (Figure 5-4).
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Figure 5-4 CDF for the ASTM A615 Grade 60 Bar Size No. 3 (2012) Group
For reliability analysis purposes, the lower tail of the data's cumulative distribution
functions (CDF) is the most important. The yield strength of reinforcing bars represents part of the
structural resistance; therefore, considering its lower data values is critical for identifying cases
where demand exceeds resistance. Therefore, a single set of statistical parameters (4 and COV) for

each considered group was determined for a normal distribution fitted to the lower tail of the CDF.
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The normal type of distribution is assumed to be reasonable because it has been used for years in
statistical derivation. Based on the engineering judgment and the experience of deriving statistical
parameters from the available data, the lowest 25% of the data values were used for determining A
and COV for most of the data. For some cases with a smaller number of samples, the lowest 50%
and 100% of the data were used accordingly to capture an adequate number of representative data.

To demonstrate the process on the example shown on Figure 5-4, the normal distribution
was fitted to the lower tail of the normal probability plot (lowest 25%) of the test data, and the
statistical parameters of 1 = 1.18, COV = 0.05 were derived for this group of data. Similarly, the
statistical parameters were derived for all years for ASTM A615 specification, Grade 60 steel, bar
sizes No. 3 to No. 5, which are summarized in Table 5-5.

Table 5-5 shows that the ranges of the statistical parameters for the bar size No. 3 are 4 =
1.15-1.20, COV = 0.04-0.05, for the bar size No. 4 are A =1.12-1.15, COV = 0.04, and for the bar
size No. 5 are 4 = 1.12-1.14, COV = 0.03-0.04. The number of tested samples is proportional to
the total production; therefore, it can be concluded that bar sizes No. 4 and 5 are more commonly
used in practice than bar size No. 3.

Based on the whole set of the derived statistical parameters, the graphs showing the
evolution of the statistical parameters for every steel grade for each specification have been
generated. The horizontal axis shows the years from 2012 to 2019, and the vertical axis shows the
statistical parameter values (bias factor or coefficient of variation). The three different sizes of
markers were used on graphs to reflect the different amounts of data used to generate them (large

size is >300 samples, medium size is 100 to 300 samples, and small size is <100 samples).
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Table 5-5 Statistical Parameters for ASTM A615 Grade 60 Steel (Bar Sizes No. 3 to No. 5)

Grade Bar Size Year Count y) cov
2012 2,270 1.18 0.05

2013 2,696 1.20 0.05

2014 2,446 1.17 0.04

; 2015 2,344 1.17 0.04
2016 2,445 1.17 0.04

2017 3,053 1.17 0.04

2018 3,809 1.15 0.04

2019 3,359 1.16 0.04

2012 14097  1.14 0.04

2013 14320 115 0.04

2014 15,995  1.15 0.04

2015 15017 1.14 0.04

Grade 60 | 4 2016 15755  1.14 0.04
2017 15860  1.14 0.04

2018 19249  1.12 0.04

2019 14884  1.13 0.04

2012 17216 113 0.03

2013 18,295  1.13 0.04

2014 19720 1.13 0.03

S 2015 18,456  1.13 0.04
2016 20,736 1.14 0.04

2017 19702 1.13 0.04

2018 22326 112 0.03

2019 17922 1.13 0.03

The presence of the clear ascending or descending trend was determined by the adequacy
of R-squared values for the graphs. The R-squared values are displayed for the cases when they
are adequate (the adequacy criterion is assumed as R > 0.5). The bar size groups representing the
change in each bar size over time for every grade were considered in this analysis. However, only
the bar size groups that contained enough data to derive statistical parameters were used (51 groups

in total).
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The graphs showing the evolution trends of the bias factor, 4, are presented in Figure C-1
through Figure C-17 in Appendix C, and the graphs showing the evolution trends of coefficient of
variation, COV, are presented in Figure C-18 through Figure C-34. The three different sizes of
markers were used on graphs to reflect the different amounts of data used to generate them (large
size is >300 samples, medium size is 100 to 300 samples, and small size is <100 samples).

The analysis of the evolution of all data indicated that the majority of data do not show a
clear evolution trend of increasing (desirable from the structural reliability point of view) or
decreasing the bias factor, 4, over time. Also, the majority of data do not show a clear evolution
trend of increasing or decreasing (desirable from the structural reliability point of view) the
coefficient of variation, COV, over time.

The weighted mean values of the statistical parameters of all years for each bar size for the
ASTM A615 and ASTM A706 specifications are summarized in Table 5-6 and Table 5-7. The
ASTM A706 specification contains data only for Grades 60 and 80 steel, which were used to
conduct a comparative analysis. The blue arrows in Table 5-6, Table 5-7, and Table 5-11 indicate
desirable changes in statistical parameters (in Table 5-6 and Table 5-7, this represents an
improvement of the statistical parameters for ASTM A706 specification over those for ASTM
AG615 specification), while the red arrows indicate undesirable changes.

It can be observed that the statistical parameters for none of the bar sizes fully meet the
expectations for the improved statistical parameters for ASTM A706 specification over those for
ASTM A615 specification. According to these expectations, the bias factors for ASTM A706
specification should be greater than those for ASTM A615 specification, and the COVs for ASTM

A706 should be lower. For Grade 60 steel, in most of the bar sizes, the bias factors for ASTM
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A706 are greater; however, the COV’s are also greater. For Grade 80 steel, in most of the bar sizes,
the COVs for ASTM A706 are lower; however, the bias factors are also lower.

The derived statistical parameters for ASTM A615 Grades 40, 75, and 100 are listed in
Table 5-8, Table 5-9, and Table 5-10.

Table 5-6 Statistical Parameters for the ASTM A615 and ASTM A706 Specifications

(Grade 60 Steel)
Bar No. of samples Bias factor 4 cov
size A615 A706 A615 A706 A615 A706
No. 3 22,422 577 1.17 1.13 | 0.04 0.05 1
No. 4 125,177 12,232 1.14 1.14 0.04 0.05 1
No. 5 154,373 19,578 1.13 1.14 1 0.04 0.04
No. 6 98,465 15,026 1.13 1.17 1 0.04 0.05 1
No. 7 39,638 6,955 1.14 1.18 1 0.04 0.05 1
No. 8 48,821 6,945 1.14 1.17 1 0.04 0.05 1
No. 9 32,496 5,913 1.14 1.18 1 0.04 0.05 1
No. 10 22,360 4,633 1.17 1.17 0.04 0.04
No. 11 28,908 6,759 1.16 1.18 1 0.04 0.05 1
No. 14 1,911 1,116 1.18 1.14 | 0.04 0.04
Table 5-7 Statistical Parameters for the ASTM A615 and ASTM A706 Specifications
(Grade 80 Steel)

Bar size No. of samples Bias factor 4 cov

A615 A706 A615 A706 A615 A706
No. 3 7 No data 1.07 - 0.03 -
No. 4 128 121 1.12 1.10 | 0.04 0.04
No. 5 557 302 1.14 1.10 | 0.06 0.04 |
No. 6 390 183 1.14 1.12 | 0.06 0.04 |
No. 7 252 133 1.16 1.12 | 0.07 0.04 |
No. 8 340 263 1.14 1.10 | 0.07 0.04 |
No. 9 547 231 1.14 1.10 | 0.05 0.04 |
No. 10 454 283 1.13 1.10 | 0.05 0.05
No. 11 1234 773 1.11 1.10 | 0.04 0.04
No. 14 31 128 1.10 1.09 | 0.07 0.04 |
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Table 5-8 Statistical Parameters for ASTM A615 Specification (Grade 40 Steel)

Bar size No. of samples Bias factor A COV

No. 3 5,757 1.34 0.07
No. 4 16,738 1.26 0.07
No. 5 4,602 1.33 0.09
No. 6 3,623 1.29 0.04

Table 5-9 Statistical Parameters for ASTM A615 Specification (Grade 75 Steel)

Bar size No. of samples Bias factor 4 COV

No. 4 262 1.17 0.07
No. 5 870 1.16 0.05
No. 6 1,554 1.13 0.05
No. 7 1,905 1.13 0.05
No. 8 3,072 1.12 0.04
No. 9 3,700 1.12 0.04
No. 10 4,669 1.09 0.04
No. 11 10,404 1.10 0.04
No. 14 606 1.11 0.05

Table 5-10 Statistical Parameters for ASTM A615 Specification (Grade 100 Steel)

Bar size No. of samples Bias factor 4 COV

No. 4 9 1.06 0.02
No. 5 36 1.07 0.05
No. 6 12 1.04 0.02
No. 7 13 1.06 0.04
No. 8 28 1.08 0.04
No. 9 7 1.04 0.03
No. 10 24 1.07 0.04
No. 11 146 1.07 0.04
No. 14 18 1.09 0.07

The weighted mean values of the statistical parameters of all years for each bar size (Grade
60 Steel) for the ASTM A615 specification vs. previously available statistical parameters (2001-
04) for the same grade (Nowak et al. 2005; Nowak, Rakoczy, and Szeliga 2012) are summarized

in Table 5-11.
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The results show that the statistical parameters for none of the bar sizes fully meet the
improvement expectations, according to which the updated bias factors are greater compared to
the previously available ones and the updated COVs are lower. For most of the bar sizes, the
updated bias factors are greater; however, the COV’s are also greater.

Table 5-11 Statistical Parameters for ASTM A615 Grade 60 Steel (Updated) vs. Previously

Available Statistical Parameters

Bar No. of samples Bias factor 4 cov

size Previous Updated Previous Updated Previous Updated
No. 3 864 22,422 1.18 1.17 | 0.04 0.04
No. 4 2,685 125,177 1.13 1.14 1 0.03 0.04 1
No. 5 3,722 154,373 1.12 1.13 7 0.02 0.04 1
No. 6 1,455 98,465 1.12 1.13 7 0.02 0.04 1
No. 7 1,607 39,638 1.14 1.14 0.03 0.04 1
No. 8 1,446 48,821 1.13 1.14 1 0.025 0.04 1
No. 9 1,573 32,496 1.14 1.14 0.02 0.04 1
No. 10 1,089 22,360 1.13 1.17 1 0.02 0.04 1
No. 11 1,316 28,908 1.13 1.16 1 0.02 0.04 1
No. 14 12 1,911 1.14 1.18 1 0.02 0.04 1

Therefore, the statistical parameters for reinforcing steel have changed over time, and the
updated parameters are listed in Table 5-6, Table 5-7, Table 5-8, Table 5-9, and Table 5-10, and
are recommended for further use. The parameters are recommended specifically to the considered
specifications, which was unavailable in past research before this contribution. Another study by
Aguilar et al. (2024) provided and utilized a portion of these statistical results in the calibration of
the shear strength reduction (resistance) factor.

For the present reliability analysis study, the statistical parameters for the yield strength of
the transverse reinforcement, f,, in the segmental bridge cross sections were used such as the

updated parameters in Table 5-11 for the corresponding bar sizes No. 3, No. 4, and No. 5.
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5.2.2.3. Summary
Considering the parameters previously available in the literature, along with the updated statistical
parameters for the yield strength of the transverse reinforcing bars, f,, as previously described, all
the statistical parameters used in the Monte Carlo simulation procedure to derive the statistical
models for the nominal shear capacity, V,, are presented in Table 5-12. The variables are also
categorized in the table based on whether they represent a material, fabrication, or professional
factor.
Table 5-12 Statistical Parameters Used to Derive the Statistical Models for the Nominal Shear
Capacity, V,

Variable Factor Type 1 COV  Source/Reasoning

Grouni and Nowak (1984), modified based

Joe .25 0.05 on the present study
fe (7 ksi) M 1.13  0.115 Nowak et al. (2005)
/v (bar size 5, 113 0.04 Derivation from CRSI Mill Database — result
Grade 60) of the present study, Aguilar et al. (2024)
Ay 1.00 0.015 .
Ellingwood et al. (1980)

P 1.00  0.04
b 1.00  0.02  Ellingwood et al. (1980), updated in the
dp 1.00  0.02 present study
P P 1.36  0.224 Juetal. (2023)
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6. RELIABILITY-BASED CALIBRATION RESULTS

6.1.  Application of Reliability Analysis

The reliability analysis procedure described in Chapter 3, utilizing the statistical parameters of
load and resistance components developed in Chapter 4 and Chapter 5, was applied to the set of
representative bridges described in Section 2.2.

The nominal load and resistance components were determined through finite-element
modeling, including the use of Midas Civil software. For the strength limit states, Az and COVz
were determined using the Monte Carlo simulation. With all nominal values, bias factors, and
coefficients of variation established, the mean values and standard deviations were determined

using Equation (4-1) as follows:

mean Uy

*  nominal X

Ox

cov, =—

Ty
>y =X-4
Oy = Hy  COVy

Then, all the computed mean values and standard deviations of load and resistance
components were used in Equation (3-1), repeated below for convenience, to compute the
reliability indices. This equation is expanded for the considered limit states into the equations

described in Section 3.2, which will also be repeated in the following sections for convenience.

mg —mg (3-1)

/a,? +05

B =
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The reliability indices were computed at the locations of segment joints along the entire
bridge length in both the top and bottom fibers. Subsequently, the minimum (most critical)
reliability indices, fmin, along the length of the bridge were determined.

The following sections present the results of the reliability analysis in the form of reliability

indices computed for a set of representative bridges across all four considered limit states.

6.1.1. Service Flexure Limit State
Equation (3-2) was used to determine the reliability indices for the service flexure limit state, as
follows:

Ufr — Urpc — Ufpw — Ufps — UpcrsH — Hftu — Ufre — HfLL

B =

\/UfZR + GfZDc + GfZDW + szps + O-fZCRSH + UfZTU + O-fZTG + UfZLL

The reliability indices for this limit state were computed at the locations of segment joints
in both the top and bottom fibers along the bridge length. The values of fmin for the top and bottom
fibers in the considered representative bridges are presented in Table 6-1.

Figure 6-1 illustrates the critical locations (with fmin) for the service flexure limit state for
the three Midas examples, representative of the three main construction methods. As is known, the
critical location for maximum normal flexural stress for the bottom fiber is typically in the midspan
region. Therefore, this is the corresponding location of fmin in the bottom fiber for bridges with
constant depth throughout their length. For the top fiber, the critical location for maximum normal
flexural stress in bridges with constant depth is typically at the internal support regions due to the
continuity effect. However, the exact location depends on the balance of dead and live load stresses

and the prestressing, which are the major contributing components.
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Table 6-1 Computed Minimum Reliability Indices in the Representative Bridges (Service Flexure

Limit State)
Designation/Name Pmin in Bottom Fiber fmin in Top Fiber
Midas Example 1 (Span-by-Span) 1.95 5.01
Midas Example 2 (Balanced Cant.) 2.32 2.87
Midas Example 3 (Incremental Launching) 4.44 6.35
F-07-AL, CO (Span-by-Span) 0.59 5.34
Ernest Lyons Bridge (Span-by-Span) 3.30 5.00
Garcon Point Bridge - Main Unit (Balanced Cant.) 4.01 3.85
Garcon Point Bridge - Typical Unit (Span-by-Span) 4.58 5.58
Sunshine Skyway Bridge (Span-by-Span) 1.54 4.35
Foothills Bridge (Balanced Cant.) 0.99 3.95
Linn Cove Viaduct (Progressive Cant.) 6.47 6.56

For instance, in Midas Example 1 (span-by-span) bridge, the critical location of fmin at the
bottom fiber is at midspan of an internal span (segment 27). For the top fiber, the critical location
is near the internal support but not exactly at it (segment 40) (Figure 6-1), because at this location,
the compressive stress due to prestressing does not balance the stresses from dead and live loads
as significantly as it does at other locations. For balanced cantilever bridges, which typically have
variable depth along their length, this depth variability may impact and modify these critical
locations (Figure 6-1).

It can also be observed that the reliability indices in the top fiber are consistently much
larger than those in the bottom fiber. This phenomenon can be explained by the effect of thermal
gradient, where the stresses are always compressive at the top (Figure 4-8), regardless of the

location along the bridge length, thereby positively contributing to the reliability indices.
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Midas Example 1 (Span-by-Span)
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Figure 6-1 Locations of fmin in Midas Example Bridges for the Service Flexure Limit State: a) in
the Bottom Fiber, b) in the Top Fiber

Concerning the thermal gradient, it was mentioned in Section 4.5.1 that the first design
thermal gradient in the US was introduced in the AASHTO Guide Specifications (1989). Among
the representative bridges, three were certainly built before this specification was introduced.
Notably, two of these bridges (F-07-AL and Sunshine Skyway bridges built in 1986) exhibit lower
than average reliability. This can be explained by the fact that the thermal gradient was not
considered in their design, resulting in lower, albeit still satisfactory, reliability according to

current standards.
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6.1.2. Service Principal Tension Limit State
Equation (3-3) was used to determine the reliability indices for the service principal tension limit
state, as follows:

B = HUyr — Uypc — Uypw — Hyps — HycrsH — Mvtu — HyLL

\/‘7 +O_DC+ DW+ PS+ CRSH+ TU"‘%LL

Current practice generally confirms that the service flexure limit state typically provides
controlling rating factors compared to the principal tension limit state. Consequently, the service
flexure limit state governs. Therefore, for this and the remaining limit states, a subset of the
considered representative bridges is used for the reliability calculations. The computed values of
Pmin are presented in Table 6-2.

Figure 6-2 illustrates the critical locations (with fmin) for the service principal tension limit
state for the three Midas examples. The most critical locations for the principal tension stresses are
at the supports. For instance, fmin for Midas Example 1 (span-by-span) is located at the internal
support (segment 36) (Figure 6-2).

Table 6-2 Computed Minimum Reliability Indices in the Representative Bridges (Service

Principal Tension Limit State)

Designation/Name Pmin
Midas Example 1 (Span-by-Span) 1.00
Midas Example 2 (Balanced Cantilever) 0.62
Midas Example 3 (Incremental Launching) 1.07
F-07-AL, CO (Span-by-Span) 1.08
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Midas Example 1 (Span-by-Span)
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Figure 6-2 Locations of fmin in Midas Example Bridges for the Service Principal Tension Limit
State
The results indicate that the reliability indices are within the range of those from the service
flexure limit state. Given this, and the confirmation from current practice that the service flexure
limit state governs, it will primarily be used for the following calibration. This also confirms that

considering this subset of bridges is sufficient for the other limit states.

6.1.3. Flexural Strength Limit State
Equation (3-4) was used to determine the reliability indices for the flexural strength limit state, as

follows:
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Upmn — Umpc — UmMpw — UmpPs — UMcRsH — UMLL

ﬁ_

o 2 2 2 2 2 2
\/UMn + 0yupc t Oupw + Oups t Oycrsy T Omie

The computed values of fmin for the considered representative bridges are presented in
Table 6-3. Given that the objective of the present research is to conduct reliability-based calibration
of load and resistance factors for the service limit state, this subset of representative bridges is
deemed sufficient to perform the reliability analysis for the strength limit states.

Figure 6-3 illustrates the critical locations (with fmin) for the flexural strength limit state
for the three Midas examples. Depending on the location along the length of the bridge (proximity
to supports or midspan), either positive or negative moments were analyzed. For instance, fmin for
Midas Example 1 (span-by-span) and Example 2 (balanced cantilever) are located closer to the
internal support (segment 21) and at the internal support (segment 60), respectively, both in the
negative moment region (Figure 6-3). In contrast, for Example 3 (incremental launching) fmin is

located in the midspan region (segment 23), which is a positive moment region) (Figure 6-3).

Table 6-3 Computed Minimum Reliability Indices in the Representative Bridges (Flexural

Strength Limit State)
Designation/Name Pmin
Midas Example 1 (Span-by-Span) 4.00
Midas Example 2 (Balanced Cantilever) 8.69
Midas Example 3 (Incremental Launching) 7.88
F-07-AL, CO (Span-by-Span) 0.78
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Midas Example 1 (Span-by-Span)
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Figure 6-3 Locations of fmin in Midas Example Bridges for the Flexural Strength Limit State

6.1.4. Shear Strength Limit State
Equation (3-5) was used to determine the reliability indices for the shear strength limit state, as

follows:

Hyn — Hypc — Hvpw — Uyps — HycrsH — HvLL

- 2 2 2 2 2 2
\/ Oyn t 0ypc + 0ypw + Oyps + Oycrsy + Oy

B

The computed values of fmin for the considered representative bridges are presented in
Table 6-4. The results were computed for a single web (second column in Table 6-4). However, in

the considered segmental bridge boxes, there are two webs resisting the shear force. This
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redundancy allows for doubling the computed reliability indices for a cross section (third column
in Table 6-4).

Table 6-4 Computed Minimum Reliability Indices in the Representative Bridges (Shear Strength

Limit State)
Designation/Name Pmin (one web) Pmin
Midas Example 1 (Span-by-Span) 4.31 8.62
Midas Example 2 (Balanced Cantilever) 3.14 6.28
Midas Example 3 (Incremental Launching) 2.92 5.84
F-07-AL, CO (Span-by-Span) 5.37 10.7

Figure 6-4 illustrates the critical locations (with fmin) for the shear strength limit state for
the three Midas examples. The most critical locations for the shear forces are near the supports.
For instance, fmin for Midas Example 1 (span-by-span) and Example 3 (incremental launching) are
located at the internal supports (segments 36 and 55, respectively) (Figure 6-4). fmin for Example
2 (balanced cantilever) is located near the support but not exactly at it, likely due to the impact of

cross-sectional depth variability.
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Midas Example 1 (Span-by-Span)
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Figure 6-4 Locations of fmin in Midas Example Bridges for the Shear Strength Limit State

6.2. Selection of the Target Reliability Indices
The obtained reliability results serve as the basis for selecting the target reliability indices, 7. The
selection criteria for the target reliability index are as follows (Nowak and Collins 2013):

1. Consequences of exceeding the limit state.

The consequences of exceeding the limit state differ significantly between the service and
strength limit states. Exceeding the strength limit states results in ultimate structural failure,
whereas exceeding the service limit states pertains to reduced durability (e.g., due to cracking),

which may worsen service conditions but not lead to failure.
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The consequences of exceeding the limit state are consistent for the design and both
inventory and operating ratings.

2. Cost to reduce the probability of exceeding the limit state.

Generally, the higher the cost of exceeding the limit state, the larger the target reliability
index, fir, should be (Nowak and Collins 2013). The costs associated with exceeding strength limit
states are significantly higher compared to service limit states. Consequently, a higher probability
of exceeding the limit state is accepted for service limit states than for strength limit states.
Similarly, a higher probability of exceeding the limit state is accepted for the operating rating
compared to the design or inventory rating, and less cost is involved in maintaining the condition
associated with the operating rating.

Therefore, the target reliability index, f7, is:

e Lower for service limit states than for strength limit states.

e Lower for the operating rating than for the design or inventory rating.

The target reliability indices for different limit states were selected based on the results of
the reliability analysis of the existing bridges, the aforementioned criteria, and the target reliability
indices for other types of bridge structures. Discussions with industrial partners confirmed that the
current practices have been successful and that it is safe to select these target values of reliability
indices based on the reliability index values of existing bridges. The determined target reliability
indices and corresponding probabilities of exceeding the limit state are presented in Table 6-5.

For the principal tension limit state, all computed reliability indices exceed 3.0. However,
since this limit state pertains to the same group of the Service III limit state as service flexure, it is
acceptable to maintain the same target reliability level as the service flexure limit state. This

implies that while the reliability indices for this limit state may be high, it is not necessary for them
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to be exceptionally high. Therefore, for design and inventory rating, a target reliability index fr of
1.0 is sufficient for this limit state.

Table 6-5 Target Reliability Indices

Design/Inventory Rating Operating Rating
Limit State
Br Py Br Py
Flexure 1.0 16% 0.0 50%
Service
Principal Tension 1.0 16% 0.0 50%
Flexure 3.5 0.02% 2.5 0.6%
Strength .
Shear in Web 3.5 0.02% 2.5 0.6%

For the flexural strength limit state, the minimum reliability index for the F-07-AL, CO
bridge is lower than the target. This can be attributed to the bridge’s large span-to-height ratio (22),
lower concrete compressive strength (f°. = 5,500 psi) for a prestressed concrete structure, and the
fact that it was designed in the 1980s using outdated codes. It is acceptable for some bridges to
have reliability indices below the target; this does not necessarily indicate failure. The target

reliability index is intended as a benchmark for new designs and load ratings.

6.3. Derivation of Load and Resistance Factors
As previously discussed, the calibration, which involves the derivation of load and resistance

factors, has been completed for the service flexure limit state.

6.3.1. Striped vs. Design Lane Considerations to Include Live Load
Consideration has been given to the use of striped lanes for the operating rating as prescribed in
AASHTO MBE (2018) Article 6A.5.11. The benefit of using striped lanes is questionable because

there are always the same or fewer striped lanes than designed lanes. Consequently, the same or
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higher multiple presence factor (MPF), accounting for the multiple presence of live load, should
be applied. Applying the higher MPF diminishes the advantage of considering striped lanes.
Additionally, allowing engineers to choose between striped or designed lanes introduces
subjectivity. Therefore, the recommendation is to only use design lanes for design and both

inventory and operating rating levels.

6.3.2. Proposed Load and Resistance Factors

The first row of Table 6-5 is targeted for the calibration, with determined target reliability indices
set at fr = 1.0 for design and inventory rating, and fr = 0 for the operating rating. As a result of
the calibration and considerations regarding striped versus designed lanes, the new load factors
required for designing bridge cross sections to achieve the target reliability levels, assuming a
resistance factor ¢ = 1.0, were determined as indicated in Table 6-6. For example, y.; for the
operating rating was selected as 0.65, ensuring that the structure designed with this live load factor
(and a resistance factor of ¢ = 1.0) achieves a reliability index corresponding to f7= 0. The table
presents both current practices and proposed provisions.

Table 6-6 Current and Proposed Design and Load Rating Provisions on Service III Limit State

Number of Live Load Target Live Load Factors for
Lanes (1-Year Return Service II1, y..
(Current / Proposed) Period) (Current / Proposed)

Design/ Design Lanes /

. pr=1.0 0.8/0.8
Inventory Design Lanes

. Striped Lanes /

Operating pr=0 0.8/0.65

Design Lanes
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6.4. Verification of Load and Resistance Factors

To verify the derived statistical parameters, the same representative bridge database was used. The
existing stress due to prestressing, fpsyr, in critical sections was replaced with the required design
stress, fpsprreq- The required prestressing stress was determined as described in Section 4.3,
ultimately leading to the Equation (4-7), as follows:

_ —foc — fow — fersu — fru — Yrefre — VifiL
fPSpr,req -

14 fPSsc
fPSpr

In this equation, y;, was taken as 0.8 for the design and inventory rating, and as 0.65 for
the operating rating (Table 6-6). The reliability indices were determined for the stresses in the
bottom fiber at critical midspan sections, and the resulting reliability indices are presented in Table
6-7 and on the graphs (Figure 6-5). It can be observed that the obtained reliability indices for the
design/inventory rating are slightly lower than the target (fr = 1.0) for only three
bridges. Similarly, for the operating rating, the obtained reliability indices are slightly lower than
the target (67 = 0), for only two bridges. Therefore, the obtained reliability indices generally align

well with the target values.
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Table 6-7 Computed Minimum Reliability Indices in the Representative Bridges with fpspr

required by the Design (Service Flexure Limit State)

Proin

Designation/Name v, =08 ¥y, =065

Design/Inventory Operating

Rating Rating

Midas Example 1 (Span-by-Span) 1.13 0.72
Midas Example 2 (Balanced Cant.) 0.41 -0.07
Midas Example 3 (Incremental Launching) 1.64 1.24
F-07-AL, CO (Span-by-Span) 0.78 0.25
Ernest Lyons Bridge (Span-by-Span) 1.90 1.70
Garcon Point Bridge - Main Unit (Balanced Cant.) 1.33 0.92
Garcon Point Bridge - Typical Unit (Span-by-Span) 1.63 1.20
Sunshine Skyway Bridge (Span-by-Span) 1.20 0.92
Foothills Bridge (Balanced Cant.) 0.05 -0.84
Linn Cove Viaduct (Progressive Cant.) 1.97 1.90
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Figure 6-5 Computed Minimum Reliability Indices in the Representative Bridges with fpspr
required by the Design (Service Flexure Limit State): a) using yrr = 0.8 (design/inventory

rating), b) using yrL = 0.65 (operating rating)
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6.5. Effect of the Proposed Methodology on the Rating Factor

In addition to the proposed methodology presented in Table 6-6, refined multiple presence factors
were proposed upon the completion of the NCHRP 12-123 project (Popok et al. 2024). The
updated multiple presence factors, derived from recent WIM data, remain the same as those listed
in AASHTO LRFD (2020) for one and two loaded lanes, but are lower for three and four loaded
lanes. Table 6-8 and Table 6-9 provide a comparison between the current multiple presence factors
in AASHTO LRFD (2020) and those proposed by Popok et al. (2024).

Table 6-8 Current Multiple Presence Factors (AASHTO LRFD 2020)

Number of Loaded Lanes m-factor
1 1.20
2 1.00
3 0.85
4 or more 0.65

Table 6-9 Multiple Presence Factors Proposed in Popok et al. (2024)

Number of Loaded Lanes m-factor
1 1.20
2 1.00
3 0.75
4 or more 0.60

In this section, the calculation of rating factors is demonstrated using both current and
proposed methodologies, applied to the selected representative bridges.
The Ernest Lyons bridge has three design lanes and two striped lanes. The rating factor at

the critical section for the service flexure limit state for this bridge is determined as follows:
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where 7 is the number of loaded lanes, and m is the multiple presence factor.

For the inventory rating, the difference between the current and proposed methodologies
lies solely in the multiple presence factor. For three lanes loaded, this factor is 0.85 under the
current methodology and 0.75 under the proposed methodology. Consequently, the rating factors
using the current and proposed methodology are calculated as follows (the values of the flexural

stresses are in ksf):

0-181.4—-05—-42+259.6-1244+24—-0.5-13.45

RF, - _
inv,cur 3.0.85-08-22.1
0—1814—0.5—42+259.6—12.4+ 2.4 — 0.5 - 13.45
REinv prop = 3-0.75-08-22.1 =143

Therefore, the rating factor calculated using the proposed methodology is 12% higher than
that calculated using the current methodology.

For the operating rating, the difference would also be in using design lanes rather than
striped lanes, and with a live load factor of ., = 0.65. Additionally, Popok et al. (2024) proposed
not to include the thermal gradient effect for the operating rating based on the same considerations
from Corven Engineering (2004). Consequently, the rating factors using the current and proposed

methodology are calculated as follows:

0—1814—-05—-42+ 2596 —-124+24—-0-13.45
RFoper,cur = 2-1-08-22.1 = 1.80
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0—181.4—05—42+259.6—12.4 + 2.4 —0-13.45
REoper.prop = 3-0.75-0.65 - 22.1 =196

Therefore, the rating factor calculated using the proposed methodology is 9% higher than
that calculated using the current methodology.

Since the changes in the proposed methodology only reflect a live load multiplier in the
denominator of the rating factor equation, the percentage increases in the rating factor (12% for
inventory rating and 9% for operating rating) will be applicable to all bridges with three design
lanes and two striped lanes.

Another common scenario involves bridges with two design lanes and two striped lanes,
such as the Foothills Bridge and Linn Cove Viaduct. In this case, there will be no change in
inventory level rating factors between the current and proposed methodologies. The increase in
the operating rating will correspond to the decrease in the live load factors from the current (0.8)

to the proposed (0.65) methodologies, resulting in a 19% increase.
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7. CONCLUSIONS AND RECOMMENDATIONS

7.1.  Conclusions
In this research, reliability-based calibration was applied to determine load and resistance factors
for the design and load rating of segmental bridges. A statistical analysis of segmental bridges was
performed to select representative bridges. The relevant limit states were identified, and the
corresponding limit state functions were formulated. The reliability analysis procedure was
selected including the specifics to determine the statistical parameters of resistance for strength
limit states. Statistical models of load and resistance were developed, including the estimation of
statistical parameters for thermal gradient from the 7G data for a single location, the fabrication
factor for the flexural strength limit state, and the yield stress of reinforcing bars used as transverse
reinforcement for the shear strength limit state. Reliability analysis was carried out for the selected
representative bridges for all considered limit states. Target reliability indices were established.
The load and resistance factors for the service limit state were calibrated and verified. The effect
of the proposed changes on the rating factors was determined.
Based on data, assumptions, and analyses described, this study resulted in the following
conclusions:
1. The live load factor varies depending on the limit state and the target reliability index. The
HL-93 live load is suitable for both the design and load rating of segmental bridges.
2. For the Service III limit state, the recommended target reliability indices fr and
corresponding live load and resistance factors are as follows:
e For the design and inventory rating, fr= 1.0, with a corresponding live load factor of

yrL= 0.80 and resistance factor of ¢ = 1.0.
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e For the operating rating, fr= 0, with the corresponding live load factor y..=0.65 and
resistance factor of ¢ = 1.0.

3. The reduced live load factor substitutes striped lanes with design lanes in the operating
rating of segmental bridges. Consequently, it is recommended to use design lanes for both
the design and the inventory and operating ratings of segmental bridges.

4. For the strength limit states, the recommended target reliability indices fr are:

e For the design and inventory rating, fr=3.5.
e For the operating rating, fr=2.5.

5. The effect of the changes in the proposed methodology of rating factors depends on the
number of design and striped lanes. For common scenarios, the impact is as follows:

e For bridges with three design lanes and two striped lanes, the rating factor increases
by 12% for the inventory rating and by 9% for the operating rating.

e For bridges with two design lanes and two striped lanes, there is no change in the
rating factor for the inventory rating, while the operating rating factor increases by
19%.

6. The fabrication factor for precast, prestressed concrete components, including segmental
bridge superstructure, indicates improved quality control over cross-sectional dimensions
and reinforcement placement. Consequently, the bias factor, Ar, is expected to be closer to
1.0, and a reduced coefficient of variation, COVF, is expected compared to cast-in-place
construction. Specifically, the following refined statistical parameters are recommended
for the fabrication factor for the precast, prestressed concrete components: a bias factor of
A=1.00 and a coefficient of variation of COV = 0.02 for both the width of the cross section,

b, and the location of the prestressed reinforcement, d.
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7. The statistical parameters for the yield strength of reinforcing steel, f,, have changed over

7.2.

time, and the updated parameters listed in Table 5-6 through Table 5-10 are recommended
for further use. The statistical parameters were derived for reinforing bars fabricated
according to the ASTM A615 and ASTM A706 specifications.

The comparative analysis of the updated parameters with previously available (2001-04)
statistical parameters for f, for ASTM Grade 60 steel showed that the statistical parameters
do not fully meet the improvement expectations for all of the bar sizes, according to which
the updated bias factors are higher compared to the previously available bias factors and
the updated coefficients of variation are lower. Particularly, for most of the bar sizes the

updated bias factors are higher; however, the coefficients of variation are also higher.

Recommended Future Research

The results of this study have identified several areas that require further research. The following

items are recommended for future investigation:

1.

Thermal Gradient. The statistical parameters of thermal gradient require refinement. The
analyses performed in this study were limited to temperature data from a single bridge
location and orientation. Additionally, the updated load factor for thermal gradient, which
is applied in combination with live load, needs to be calibrated using the reliability
methods. This calibration should be based on a comprehensive analysis of available
thermal gradient data and WIM data, as well as an investigation into the correlation
between these load effects. Thermal gradient data may be highly area-specific; therefore,

it is necessary to monitor different regions to gather this data.
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2. Prestressing Effect in Service III Limit State. The resistance factor, @dps, needs to be
calibrated to account for the lower reliability of the “post-2005” method for determining
time-dependent prestress losses, known as “Refined Estimates of Time-Dependent Losses”
in AASHTO LRFD.

3. Shear Strength Limit State: the resistance factor ¢ for the design of precast, prestressed
concrete bridge structures may need refinement to account for the accuracy of as-built

dimensions and reinforcement placement, as compared to cast-in-place construction.
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Appendix A: NOTATION

= cross-sectional area

= depth of the equivalent stress block

= torsional area (total area enclosed by the median line of the exterior webs and slabs of
the box section)

= area of prestressing steel

= area of nonprestressed tension reinforcement

= area of compression reinforcement

= area of transverse reinforcement within a distance s

= width of the compression face of the member. For a flange section in compression, the
effective width of the flange

= effective web width taken as the minimum web width within the depth d,

= gross width of web, not reduced for the presence of post-tensioning ducts

= load carrying capacity

= distance from the extreme compression fiber to the neutral axis

= coefficient of variation

= force effects due to creep

= 0.84 or the distance from the extreme compression fiber to the centroid of the
prestressing reinforcement, whichever is greater

= dead load of structural components and nonstructural attachments

= distance from extreme compression fiber to the centroid of prestressing tendons

= distance from extreme compression fiber to the centroid of nonprestressed tensile
reinforcement

= distance from extreme compression fiber to the centroid of compression reinforcement
= effective shear depth

= dead load of wearing surfaces and utilities

= concrete modulus of elasticity

= miscellaneous locked-in force effects resulting from the construction process, including
jacking apart of cantilevers in segmental construction

= axial force acting at the cross section; fabrication factor

=normal flexural stress

= principal tensile stress

= allowable principal tensile stress

= specified concrete compressive strength

= unfactored compressive stress in concrete after prestress losses have occurred either at
the centroid of the cross section resisting transient loads or at the junction of the web and
flange where the centroid lies in the flange

= average stress in prestressing steel at nominal bending resistance

= specified tensile strength of prestressing steel
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Joy = yield strength of prestressing steel
FR = friction load

fr = allowable normal flexural stress specified in the LRFD code
fs = stress in the nonprestressed tension reinforcement at nominal flexural resistance
s = stress in the nonprestressed compression reinforcement at nominal flexural resistance
I = yield strength of the nonprestressed reinforcement
g = limit state function
h = depth of the cross section
1 = moment of inertia of the cross-sectional area about the neutral axis
IM = dynamic load allowance
LL = vehicular live load
M = bending moment acting at the cross section; material factor

= live load multiple presence factor

M = bending moment acting at the cross section

M = distributed continuity moment in determining thermal gradient stress

M, = nominal bending moment strength

N = number of data points

P = permanent loads other than dead loads, including prestress; professional factor
P

= probability

PS = secondary forces from post-tensioning for strength limit states; total prestress forces for
service limit states

PS,, = primary forces from post-tensioning for service limit states

PS;c = secondary forces from post-tensioning for service limit states

Pr = probability of failure / exceeding the limit state

0 = total load

Oy = first moment of area of section above centroidal axis

R = structural resistance (load-carrying capacity)

Rr = radius of the Mohr’s circle corresponding to the allowable principal stress

RF  =rating factor

S = reliability

s = spacing of transverse reinforcement measured in a direction parallel to the longitudinal
reinforcement

SH = force effects due to shrinkage

SLS = serviceability limit state

T = torque acting at the cross section

TG  =force effect due to temperature gradient

TU = force effect due to uniform temperature

tw = total web width perpendicular to median slope of web, at centroidal axis

ty) = temperature change

ULS = ultimate limit state
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V = shear force acting at the cross section

v = total shear stress at the cross section

Ve = nominal shear resistance of the concrete

Vi = nominal shear force strength

Vy = component of prestressing force in the direction of the shear force; positive if resisting
the applied shear

VR = allowable shear stress (corresponding to the allowable principal stress)

Vs = nominal shear resistance of the transverse reinforcement

Vi = shear stress from torsion

Vy = transverse shear stress

X =nominal value

y = distance from the neutral axis of the cross section to the location where the normal
stress is being determined

z = standard normal variable

a = angle of inclination of transverse reinforcement to longitudinal axis; linear coefficient of
thermal expansion

S = reliability index; factor indicating ability of diagonally cracked concrete to transmit
tension and shear

b1 = stress block factor

pr = target reliability index

y = load factor

ycrsu = load factor for uniform temperature, creep and shrinkage

ypc = load factor for structural components and attachments

ypw = load factor for wearing surfaces and utilities

VEL = load factor for secondary posttensioning effects and locked-in erection loads

VER = load factor for bearing friction or frame action

VLL = live load factor

VP = load factor for permanent loads other than dead loads, including prestress

VPS = load factor for secondary forces from post-tensioning for strength limit states; load
factor for total prestress forces for service limit states

yespr = load factor for primary forces from post-tensioning for service limit states

ypsse = load factor for secondary forces from post-tensioning for service limit states

yr¢ = load factor for temperature gradient

yru = load factor for uniform temperature load

0 = duct diameter correction factor, taken as 2.0 for grouted ducts

€ = longitudinal strain

&f = free longitudinal strain

0 = angle of inclination of diagonal compressive stresses

A = bias factor (mean-to-nominal ratio); concrete density modification factor
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Aduct

s;&g\q&&@Q‘:
Q

= shear strength reduction factor accounting for the reduction in the shear resistance
provided by transverse reinforcement due to the presence of a grouted post-tensioning
duct. Taken as 1.0 for ungrouted post-tensioning ducts and with a reduced web or flange
width to account for the presence of ungrouted duct

= mean value

= standard deviation

= standard normal cumulative distribution function (CDF)

= resistance factor

= condition factor

= diameter of post-tensioning duct present in the girder web within depth d,

= system factor

= curvature
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Appendix B: STATISTICAL ANALYSIS OF THE CRSI REINFORCING STEEL

DATABASE

3e+05

2e+05

count

1e+05

Qe+00

40

a0

120 160
Yield Strength, ksi

Figure B-1Yield Strength Distribution

160



2e+05

=

|

L]

L]

1e+05
Qe+00
50 100 150 200 250
Tensile Strength, ksi
Figure B-2 Tensile Strength Distribution

2 0e+05

1.5e+05
=
|
L]
L]

1.0e+05
) III I
. . o
3 4 5 B 7 8 9 10 10M 11 14 18M 18
Bar Size

Figure B-3 Bar Size Distribution

161



ge+05

Be+05 -

=

3 4e+05-

L&}

2e+05 -
N - ]
AB15 ATOB Dual AG15/AT0B A1035
Specification
Figure B-4 Specification Distribution
7.5e+05 -
5.0e+05 -
E
=
L=}
L&}
2.5e+05 -
0.06+00 [
40 60 75 80 100
Grade

Figure B-5 Grade Distribution

162




Appendix C: EVOLUTION OF THE STATISTICAL PARAMETERS OF THE YIELD
STRENGTH OF REINFORCING STEEL OVER TIME
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Figure C-17 Evolution Trends of the Bias Factor, 4, for the ASTM A706 Grade 80 Steel

(Longitudinal Reinforcement—Large Diameters)

e
—
%)

e
_
o

o
o
&

—@— Bar size #3

’ —@— Bar size #4
0.04 ./0\‘\'/\‘\'/‘ —@— Bar size #5

—@— Bar size #6
0.02

Coefficient of Variation, COV
S
X

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-18 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

40 Steel

171



5
=
N

o
S
o

o
o
g

—@— Bar size #3
—O— Bar size #4
—@— Bar size #5

0.02

Coefficient of Variation, COV
S
W

0.01
0.00

2012 2013 2014 2015 2016 2017 2018 2019
Year

Figure C-19 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

60 Steel (Shear Reinforcement)

0.06
>
5 0.05
Q
8 0.04
8
= —@— Bar size #6
> 0.03 .
5 —@— Bar size #7
E; 0.02 —@— Bar size #8
% —@—Bar size #9
S 0.01

0.00

2012 2013 2014 2015 2016 2017 2018 2019

Year
Figure C-20 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

60 Steel (Longitudinal Reinforcement—Common)

172



5
=
N

o
S
o

o
o
g

—@—Bar size #10
—O—Bar size #11
—@— Bar size #14

0.02

Coefficient of Variation, COV
S
W

0.01

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-21 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

60 Steel (Longitudinal Reinforcement—Large Diameters)

0.09

0.08 Y

COoV
e
o
3

JE

10

0.06
0.05
0.04
0.03
0.02
0.01

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

—0— Bar size #4
—@— Bar size #5

Coefficient of Variat

Figure C-22 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

75 Steel (Shear Reinforcement)

173



>
o
@)

)

10

Coefficient of Variat

0.09
0.08
0.07
0.06
0.05 —@— Bar size #6
0.04 —@— Bar size #7
0.03 —@— Bar size #8
0.02 —@—Bar size #9

0.01

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-23 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

Ccov

JE

10

Coefficient of Variat

75 Steel (Longitudinal Reinforcement—Common)

0.09
0.08

5
=
i

0.06
0.05
0.04
0.03
0.02
0.01

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

—@—Bar size #10
—O—Bar size #11

—e— Bar size #14

Figure C-24 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

75 Steel (Longitudinal Reinforcement—Large Diameters)

174



<
J—
[\

e
=
o

o
o
&

—o— Bar size #4

0.04 —e— Bar size #5

Coefficient of Variation, COV
S
X

0.02
0.00

2012 2013 2014 2015 2016 2017 2018 2019
Year

Figure C-25 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

80 Steel (Shear Reinforcement)

<
J—
\S}

S
—_
S

e
S
&

—o— Bar size #6

—o— Bar size #7

Coefficient of Variation, COV
S
X

0.04 —e— Bar size #8
—eo— Bar size #9
0.02
0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-26 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

80 Steel (Longitudinal Reinforcement—Common)

175



<
[
[\

e
=
o

il
o
&

—o— Bar size #10

—o—Bar size #11

Coefficient of Variation, COV

0.02

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year
Figure C-27 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

80 Steel (Longitudinal Reinforcement—Large Diameters)

0.12

0.1
0.08
0.06

0.04
—e— Bar size #5

0.02

—o—Bar size #11

2015 2016 2017 2018 2019
-0.02

Coefficient of Variation, COV

-0.04

-0.06
Year

Figure C-28 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A615 Grade

100 Steel

176



Ccov

PN

Variation

[

ient o

Coeffic

0.08
0.07
0.06
0.05
0.04

0.03
0.02
0.01
0.00

2012

2013 2014 2015 2016
Year

2017

2018

2019

—eo— Bar size #3
—O— Bar size #4
—@— Bar size #5

Figure C-29 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

Ccov

>
[

ariation

(o)

-
=

1€

Coeffic

0.08
0.07
0.06
0.05
0.04
0.03
0.02
0.01

0.00
2012

60 Steel (Shear Reinforcement)

2013 2014 2015 2016
Year

2017

2018

2019

—@— Bar size #6
—@— Bar size #7
—@— Bar size #8
—@— Bar size #9

Figure C-30 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

60 Steel (Longitudinal Reinforcement—Common)

177



0.08

0.07

Ccov

) 0.06

0.05

Variation

0.04 —@—Bar size #10
0.03 —O—Bar size #11
—@— Bar size #14

[

ient o

0.02

Coeffic

0.01

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year
Figure C-31 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

60 Steel (Longitudinal Reinforcement—Large Diameters)

5
=
3

15
o
o

e
S
oy

o
o
K

o
S
&

—o— Bar size #5

Coefficient of Variation, COV
=
o

=
(=]
—_

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-32 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

80 Steel (Shear Reinforcement)

178



o
o
o

o
S
oy

o
o
g

—o— Bar size #6

—o— Bar size #7

Coefficient of Variation, COV
=
W

0.02 —e— Bar size #8
—e— Bar size #9
0.01
0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year
Figure C-33 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

80 Steel (Longitudinal Reinforcement—Common)

5
=
3

15
>
>N

e
S
oy

e
o
K

—o— Bar size #10

o
S
&

—o—Bar size #11

5
=
o

—e— Bar size #14

Coefficient of Variation, COV

=
(=]
—_

0.00
2012 2013 2014 2015 2016 2017 2018 2019

Year

Figure C-34 Evolution Trends of the Coefficient of Variation, COV, for the ASTM A706 Grade

80 Steel (Longitudinal Reinforcement—Large Diameters)

179



	Reliability-Based Calibration for the Design and Load Rating of Segmental Bridges
	Abstract
	Acknowledgments
	Table of Contents
	List of Tables
	List of Figures
	Chapter 1. INTRODUCTION
	1.1 Overview of Segmental Bridges
	1.2 Motivation and Problem Statement
	1.3 Research Objectives
	1.4 Background
	1.4.1 Reliability of Structures and Limit State Design of Structural Components
	1.4.1.1 Historical Perspective
	1.4.1.2 Reliability Analysis

	1.4.2 Evolution of Bridge Design and Load Rating Calibration
	1.4.2.1 Strength Limit States
	1.4.2.2 Service Limit States

	1.4.3 Segmental Bridge Provisions and Guidelines
	1.4.3.1 Bridge Design Provisions
	1.4.3.2 Bridge Load Rating Provisions

	1.4.4 Identified Literature Gaps

	1.5 Research Plan
	1.6 Organization

	Chapter 2.  SELECTION OF REPRESENTATIVE STRUCTURES AND LIMIT STATES OF SEGMENTAL BRIDGES
	2.1. Segmental Bridge Statistics
	2.2. Selection of Representative Structures
	2.3. Limit States for Segmental Bridges
	2.3.1. Selection of Limit States
	2.3.2. Formulation of Limit State Functions


	3. RELIABILITY ANALYSIS PROCEDURE
	3.1. Determining the Reliability Index
	3.2. Reliability Index Calculation for Considered Limit States
	3.3. Resistance Models for Strength Limit States
	3.3.1. Flexural Strength Provisions
	3.3.2. Shear Strength Provisions
	3.3.3. Statistical Parameters of Resistance by Monte Carlo Simulation


	4. DEVELOPMENT OF STATISTICAL MODELS FOR LOADS
	4.1. Considered Statistical Parameters and Load Components for Reliability Analysis
	4.2. Statistical Models for Dead Loads and Superimposed Deformations
	4.3. Statistical Models for Prestressing Effect
	4.4. Statistical Models for Live Load
	4.4.1. Design Live Load
	4.4.2. Selection of Statistical Parameters

	4.5. Statistical Models for Thermal Gradient
	4.5.1. Background
	4.5.2. Thermal Gradient Data and Experiments
	4.5.3. Derivation of Statistical Parameters for Thermal Gradient
	4.5.4. Summary


	5. DEVELOPMENT OF STATISTICAL MODELS FOR RESISTANCE
	5.1. Service Limit States
	5.1.1. Service Flexure Limit State
	5.1.2. Service Principal Tension Limit State

	5.2. Strength Limit States
	5.2.1. Flexural Strength Limit State
	5.2.1.1. Statistical Models Available in the Literature
	5.2.1.2. Updated Statistical Models for the Fabrication Factor
	5.2.1.3. Summary

	5.2.2. Shear Strength Limit State
	5.2.2.1. Statistical Models Available in the Literature
	5.2.2.2. Updated Statistical Parameters for Yield Strength (fy) of Reinforcing Bars
	5.2.2.3. Summary



	6. RELIABILITY-BASED CALIBRATION RESULTS
	6.1. Application of Reliability Analysis
	6.1.1. Service Flexure Limit State
	6.1.2. Service Principal Tension Limit State
	6.1.3. Flexural Strength Limit State
	6.1.4. Shear Strength Limit State

	6.2. Selection of the Target Reliability Indices
	6.3. Derivation of Load and Resistance Factors
	6.3.1. Striped vs. Design Lane Considerations to Include Live Load
	6.3.2. Proposed Load and Resistance Factors

	6.4. Verification of Load and Resistance Factors
	6.5.  Effect of the Proposed Methodology on the Rating Factor

	7. CONCLUSIONS AND RECOMMENDATIONS
	7.1. Conclusions
	7.2. Recommended Future Research

	REFERENCES
	Appendix A: NOTATION
	Appendix B: STATISTICAL ANALYSIS OF THE CRSI REINFORCING STEEL DATABASE
	Appendix C: EVOLUTION OF THE STATISTICAL PARAMETERS OF THE YIELD STRENGTH OF REINFORCING STEEL OVER TIME

